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ABSRTACT 
Dynamic behaviour of single-layer lattice domes is complicated and fundamentally differs 
from conventional building structures. Their response to dynamic excitation is 
characterised by the contribution of several vibration modes throughout a wide range of 
frequencies. Furthermore, due to large deformations associated with a possible 
development of plasticity within the structure, seismic response of single-layer lattice 
domes to severe earthquakes is normally highly nonlinear. So far, in the absence of a 
practical equivalent static seismic loading scheme, realistic seismic response evaluation 
of single-layer lattice domes still relies on nonlinear dynamic time-history analysis.   
Herein, a new analytical method for estimating the nonlinear seismic response of different 
types of single-layer lattice domes is presented, as the main contribution of this research. 
The method is based on ‘Modal Pushover Analysis’ (MPA) concept which conveniently 
accounts for the participation of higher vibration modes in the seismic response, and is 
consistent with the inherent dynamic characteristics of single-layer lattice domes. The 
efficiency and accuracy of the proposed method is verified through comparison between 
the MPA results and those obtained from a full geometrically and materially nonlinear 
time-history dynamic analysis. It is shown that the proposed method yields accurate 
results for all types of single-layer lattice domes with different geometrical properties, and 
effectively removes the necessity of performing nonlinear time-history earthquake 
response analysis. 
Moreover, dynamic characteristics of single-layer lattice domes is sensitive to the 
geometrical particulars of the structural system. Accordingly, the importance of various 
geometrical particulars of single-layer lattice domes on their dynamic characteristics has 
been carried out by means of parametric studies, as the other contribution of this research. 
The particulars studied include ‘span’, ‘rise-to-span-ratio’, ‘pattern of the configuration’, 
and ‘relative stiffness of the supports’. It is concluded that ‘rise-to-span-ratio’ and ‘relative 
stiffness of the supports’ are two important parameters which significantly influence the 
dynamic behaviour, the effects of other properties on dynamic characteristics of single-
layer lattice domes are less important. 
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CHAPTER 1                                                
PREAMBLE 
1.1 Introduction  
Over the past decades, spatial structures have been extensively used in the construction of 
many large span structures such as aircraft hangars, exhibition halls, stadia, airport 
terminals, gymnasia, bridge systems, railway platform shelters, shopping malls and 
atriums. Spatial structures represent the ultimate in aesthetics and engineering efficiency 
in structural systems, and behind their elegance and simplicity lays their structural 
capacity to cover very long spans. 
Research on buckling and failure mechanisms of single-layer lattice domes under static 
loading has been carried out widely. It is well known that these structures are sensitive to 
geometric and load imperfections and the most common mode of failure for these 
structures is instability which occurs at a limit point, (Gioncu 1982, 1985 and 1995). 
Fewer works regarding the evaluation of seismic response and dynamic failure 
mechanisms of single-layer lattice domes under severe earthquake loading can be found 
in the literature. Single-layer lattice domes normally exhibit a highly nonlinear response 
to strong seismic actions. Research results show that their dynamic failure may be initiated 
by either a ‘dynamic instability collapse mechanism’ or a ‘dynamic strength failure 
mechanism’. In dynamic instability collapse mechanism, failure of the system under 
seismic action is mainly due to dynamic buckling of the system, where normally member 
and global buckling prevail simultaneously and the structure loses its functionality.  
When the collapse is due to dynamic strength failure, excessive development of plastic 
regions associated with large deformations, prior to any instability mechanisms, can be 
traced in the dynamic response, (Li et al, 2001; Fan et al, 2005; Fan et al, 2007).  
The fact that there are two fundamental types of collapse mechanisms, results in certain 
difficulties regarding the evaluation of ultimate seismic response of single-layer lattice 
domes, and normally necessitates a full geometrically and materially nonlinear dynamic 
analysis. Due to several complexities involved in this type of analysis, introducing an 
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‘equivalent static seismic load’ scheme can significantly facilitate seismic analysis of 
single-layer lattice domes. However, so far a practical equivalent static seismic load 
scheme for estimating the nonlinear response of single-layer lattice domes has not been 
provided. This is mainly due to the fact that current equivalent seismic load procedures 
are developed for conventional building structures which possess a completely different 
dynamic characteristic when compared to single-layer lattice domes. In conventional 
building structures, the ultimate seismic response of the structure can be conveniently 
approximated by a single vibration mode, namely the fundamental mode. On the contrary, 
a single-layer lattice dome may be assumed to be a discrete mass system with a large 
number of dynamic degrees of freedom in all directions, and their dynamic response 
cannot be captured through a single vibration mode. Accordingly, seismic response 
evaluation of single-layer lattice domes is still based on nonlinear time-history earthquake 
response analysis, (Kato et al, 2003; Ogawa et al, 2007; Kato et al, 2007; Fan et al, 2007; 
Kato et al, 2012).  
Research results on dynamic characteristics of single-layer lattice domes show that usually 
a large number of vibration modes, normally distributed over a wide range of frequencies, 
participate in the total dynamic response. Furthermore, different types of vibration modes, 
including horizontal, vertical and anti-symmetrical modes, are excited during the dynamic 
action. In particular, it has been shown that seismic response of single-layer lattice domes 
is significantly influenced by anti-symmetrical vibration modes, in which both horizontal 
and vertical responses are simultaneously stimulated due to horizontal ground motions, 
(Nakazawa, 2003; Kato et al, 2012). Also, the total number of the contributing vibration 
modes, as well as their type and distribution along the frequency range, drastically changes 
with the geometrical particulars of the structure. So far, the importance of the rise-to-span-
ratio of single-layer lattice domes on their dynamic characteristics has been emphasised 
by several researchers, (Kato et al, 1997; Moghadam, 2004; Kato et al, 2006; Kato et al, 
2007). It has been shown that as the rise-to-span-ratio decreases, more vibration modes 
contribute to the maximum dynamic response. Moreover, as the domes become shallower 
more vertical displacements appear in the response, whereas in flat grids dynamic 
response is governed by pure vertical vibration modes.   
` 
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On the other hand, as the rise-to-span-ratio increases dynamic behaviour of single-layer 
lattice domes approaches the characteristics of conventional building structures, where the 
response is predominated by the first few vibration modes and vertical seismic responses 
may be conveniently ignored. It has been shown that in high rise-to-span-ratio domes, 
namely domes with a rise-to-span-ratio of more than 0.4, dynamic behaviour is normally 
governed by two dominant modes. One of these two modes represents a horizontal sway 
motion and the other one represents mainly the up-and-down motions due to an anti-
symmetrical mode stimulated by horizontal dynamic action, (Hosseinizad, et al 2013).  
So far the research concerning the effects of geometrical properties of single-layer lattice 
domes on their dynamic characteristics, are all associated with certain limitations. In 
particular, almost all these studies have used dome models with simple patterns and pinned 
at all of the boundary supports. Furthermore, amongst several geometrical particulars, 
only the effect of rise-to-span-ratio on the dynamic behaviour has been studied, and the 
effects of other geometrical properties on dynamic characteristics and seismic response of 
single-layer lattice domes have not been investigated properly. These properties include 
‘the actual span’, ‘pattern of the configuration’ and ‘relative stiffness of the supports’.   
1.2 Objectives 
Currently, in the absence of a practical equivalent seismic loading pattern, accurate 
seismic response evaluation of single-layer lattice domes still requires a full geometrically 
and materially nonlinear time-history earthquake response analysis. However, this type of 
analysis is inherently complex and is intended for qualified users with advanced expertise 
in the finite-element method, as well as nonlinear structural dynamics theory. 
Accordingly, the lack of a versatile method which can account for specific dynamic 
characteristics of different types of single-layer lattice domes with various geometrical 
properties is evident.  
The main objective of this study is to provide a new method for estimating the nonlinear 
seismic response of different types of single-layer lattice domes with various geometrical 
particulars, by means of static nonlinear analysis. The method is intended to be simple and 
practical so that it can be conveniently implemented by structural designers in practice, 
` 
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who do not necessarily possess an in-depth knowledge of either the finite-element method 
or advanced structural dynamic analysis. The proposed method is based on the ‘Modal 
Pushover Analysis’ (MPA) concept, introduced by Chopra and Goel in 2001 and 2002. 
This innovative analytical technique is well in line with the inherent dynamic 
characteristics of lattice domes, and conveniently accounts for the contribution of higher 
vibration modes in seismic response.  
As another objective of this study, it is intended to investigate the influence of geometrical 
properties of single-layer lattice domes on their dynamic characteristics. So far, only the 
effect of the rise-to-span-ratio on dynamic characteristics of single-layer lattice domes, 
pinned at all their boundary supports, has been studied in the literature. Accordingly, the 
effect of other geometrical properties, including ‘span’, ‘pattern of the configuration’ and 
‘relative stiffness of the supports’, on dynamic behaviour of single-layer lattice domes is 
investigated by means of parametric studies. To meet these objectives, 
 
 Different types of lattice domes, commonly used in practice, are introduced and 
their geometrical particulars are discussed in detail. A complete chapter is devoted 
to this purpose.  
 A methodology for estimating the nonlinear seismic response of single-layer 
lattice domes to severe earthquake loading has been developed. The method 
respects particular dynamic characteristics of single-layer lattice domes, and 
implements the modal pushover analysis technique as the central analytical 
concept. The methodology is initially developed for a single-layer lattice dome 
model with practical dimensions and properties, as the pilot case study. Once the 
methodology is established, it is used as a framework for seismic response 
evaluation of different types of single-layer lattice domes, considering their 
particular dynamic characteristics and geometrical aspects. 
 Effects of geometrical properties on the overall dynamic behaviour of single-layer 
lattice domes are investigated by means of extensive parametric studies on the 
analysis results, and conclusions are drawn accordingly. 
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1.3 Organisation of the Thesis 
This Thesis is divided into seven chapters. Chapter 1 is an introduction to the background, 
scope, methodology and organisation of this study. 
 
Chapter 2 presents literature review, which is divided into five subsections. In the first 
subsection an overview on the basic theoretical concepts of structural dynamics of linear 
and nonlinear systems is presented. The second and third subsections discuss the specific 
seismic behaviour, dynamic characteristics, collapse mechanisms, and different dynamic 
analysis approaches for seismic response evaluation of single-layer lattice domes. The 
forth subsection provides an overview on rudiments of the Performance-Based Seismic 
Design (PBSD) philosophy. The Chapter ends with a survey on the current code-based 
specifications for seismic analysis and design of spatial structures.  
 
Chapter 3 introduces the main elements of the proposed methodology developed and used 
in this study to introduce a new analytical method for seismic response evaluation of 
lattice domes, by means of nonlinear static analysis. This is followed by an overview on 
the basic concepts of pushover analysis and modal pushover analysis.  
 
Chapter 4 introduces different types of single-layer lattice domes commonly used in 
practice, and discusses their geometrical particulars in detail. 
 
Chapter 5 presents the proposed analytical method for evaluating the nonlinear seismic 
response of singly-layer lattice domes. This includes, 
 
 Defining a single-layer lattice dome as the pilot case study to carry out all the 
necessary steps and procedures for establishing the method. 
 Investigating the applicability of the proposed method for seismic response 
evaluation of other types of lattice domes with different geometrical particulars. 
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 Establishing, verifying and finalising the proposed method by combining the 
interesting results of parametric studies and those obtained from modal pushover 
analysis.  
 
 Chapter 6 studies the effects of geometrical properties of single-layer lattice domes 
on their overall dynamic response. These properties include, ‘the actual span’, 
‘pattern of the configuration’ and ‘relative stiffness of the supports’. For this 
purpose numerous single-layer lattice dome models, with varying geometrical 
properties, are defined and their modal properties are calculated by means of 
eigenvalue analysis. The influence of various geometrical properties on dynamic 
behaviour of the models is then investigated by means of extensive parametric 
studies on the eigenvalue analysis results, and conclusions are drawn accordingly. 
 
 Finally, Chapter 7 summarises the results presented in earlier chapters and 
recommends areas for further research. 
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CHAPTER 2                                           
LITERATURE REVIEW 
2.1 STRUCTURAL DYNAMICS: AN OVERVIEW 
2.1.1 Basic Characteristics and Fundamental Objectives of Structural 
 Dynamic Analysis 
The main objective of analysing a structure is to predict its behaviour under prescribed 
external actions, so that it may be designed to withstand these actions with adequate safety. 
In the case of a structure subjected to static loading, in which all actions and responses are 
independent of time, the analysis involves a systematic search to find a set of internal 
forces and displacements that satisfies the conditions of equilibrium and compatibility. 
This kind of analysis applies also to quasi-static scenarios, where the loading varies with 
time but the variation is so slow that inertial and damping effects can be conveniently 
ignored, (Nooshin, 1988). 
On the other hand, when a structure is subjected to dynamic loading in which the 
magnitude, direction, and/or position of the load varies rapidly with time, inertial effects 
as well as damping effects must be present in the governing equations. Therefore, the 
solution of a typical structural dynamics problem is considerably more complicated than 
its static equivalent. This is due to the addition of inertia and damping effects, as well as 
the time dependency of the behaviour, in structural response to dynamic loading. Thus, 
the resulting stresses and deflections are also time-varying or dynamic, (Clough & 
Penzien, 2003). The fundamental objective of dynamic analysis is to estimate the 
magnitudes of stresses and displacements developed in a given structure when it is 
subjected to dynamic loading. In general, structural response to any dynamic loading is 
expressed basically in terms of the displacements of the structure. Once the displacement 
time-histories, corresponding to the prescribed loading history, has been evaluated, other 
related response quantities such as stresses, strains and internal forces can be determined 
by static analysis as a secondary phase of the analysis. 
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The particulars of dynamic response of Single-Degree-of-Freedom (SDOF) systems as 
well as the Multi-Degree-of-Freedom (MDOF) systems are discussed in the following 
sections. 
2.1.2 Types of Prescribed Dynamic Loading 
Dynamic loading can be divided into two main categories namely, periodic and non- 
periodic. Some typical forms of dynamic loading, and examples of situations in which 
such loadings might be developed, are shown in Fig 2.1. 
 
 
Fig 2.1 Characteristics and sources of typical dynamic loading 
 (a) simple harmonic, (b) complex, (c) impulsive, (d) long duration, (Clough and Penzien, 2003) 
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A periodic loading exhibits the same time variation successively for a large number of 
cycles, as shown in Fig 2.1. Non-periodic loading may be either short duration (impulsive) 
or long duration. A blast or explosion is a typical example of impulsive loadings. On the 
other hand, earthquake-induced ground motion is a good example of long duration, non-
periodic dynamic loading, (Clough and Penzien, 2003). 
2.1.3 Linear Single-Degree of Freedom Systems (SDOF) 
2.1.3.1 Equation of Motion 
Typically, SDOF system subjected to a time-varying force of 𝑝(𝑡) is represented by a 
spring-dashpot-mass system as shown in Fig 2.2, where 𝑚, 𝐶 and 𝑘 denote the mass, 
damping and stiffness of the system, respectively, (Chopra, 2001). 
. 
 
Fig 2.2 Dynamic Single-Degree-of-Freedom system 
 
The equation of motion governing the displacement 𝑢(𝑡) of the idealised linearly elastic 
system of Fig 2.2 is: 
 
𝑚?̈? + 𝐶?̇? + 𝑘𝑢 = 𝑝(𝑡)        (2.1) 
2.1.3.2 Methods of Solution of the Equation of Motion 
Eqn (2.1) shows that the equation of motion governing the displacement of an idealised 
linearly elastic SDOF system is a second order Ordinary Differential Equation (ODE). 
The initial displacement 𝑢(0)  and initial velocity ?̇?(0)  at time zero form the initial 
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conditions needed to define the problem completely. There are several methods for 
solution of the equation of motion, namely: 
 
 Classical method, 
 Time-domain method, 
 Frequency-Domain method and  
 Numerical methods. 
 
Detailed description of these methods is beyond the scope of this study. However, a wealth 
of information can be found in the literature on this subject. Eqn (2.1) can be also solved 
by using an equivalent static force system which can conveniently replace the time-
dependant dynamic external force. Introduction of the equivalent static force for a 
dynamic system significantly facilitates the solution of the equation of motion, and allows 
a static analysis for dynamic response evaluation of a system. Equivalent static force 
method is a central concept in earthquake engineering, and is discussed in Section 2.1.4.2. 
2.1.4 Linear Earthquake Response of SDOF Systems  
The governing equation of motion for a linear SDOF system subjected to earthquake 
excitation is given by, (Chopra, 2001): 
 
𝑚?̈? + 𝐶?̇? + 𝑘𝑢 = −𝑚?̈?𝑔        (2.2) 
 
Where, ?̈?𝑔 is the ground acceleration. The values of ?̈?𝑔  at each time instant can be 
obtained from time-history records which are normally scaled against g, the 
gravitational acceleration. For example, Fig 2.2 illustrates the ground acceleration 
record for the 1978 Tabas earthquake in Iran, (Pacific Earthquake Engineering Research 
Centre (PEER), 2011). 
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Fig 2.2 Normalised ground motion record – Tabas Iran, (PEER, 2011) 
 
 
Dividing Eqn (2.2) by 𝑚 gives: 
 
?̈? + 2𝜉𝜔𝑛?̇? + 𝜔𝑛
2𝑢 = −?̈?𝑔        (2.3) 
 
Where 𝜔𝑛 and 𝜉 are, respectively, the ‘natural circular frequency’ and ‘damping ratio’ 
of the dynamic system, as defined below, (Chopra, 2001): 
 
𝜔𝑛
2= 𝑘 𝑚⁄            (2.4) 
𝜉 = 𝐶 2𝑚𝜔𝑛
⁄           (2.5) 
 
Damping ratio 𝜉 is a unitless property, expressed as a percentage, which represents the 
amount of energy dissipation within the dynamic system. ‘Natural circular period 𝑇𝑛’ of 
an SDOF system, is related to its natural circular frequency by: 
 
𝑇𝑛=
2𝜋
𝜔𝑛⁄            (2.6) 
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2.1.4.2 Equivalent Static Seismic Force Concept 
In a linear SDOF system subjected to earthquake induced excitation, an equivalent static 
force 𝑓𝑠 is defined as a static (slowly applied) force, which at any time instant produces 
the same deformation determined by dynamic analysis, (Chopra, 2001). Omori Fusakichi, 
a famous Japanese seismologist, was the first scientist who proposed that the equivalent 
static force acting on a building 𝑓𝑠, can be estimated as a fraction of its total weight as 
given by Eqn (2.7), (Hu, 2006): 
 
𝑓𝑠 = 𝛼𝑊           (2.7) 
 
Where, 𝑊  is the total weight of the building and  𝛼  is a seismic coefficient, which 
accounts for natural period of the system as well as the regional seismicity and soil type. 
Expressing the equivalent seismic force in terms of the total weight, provides a convenient 
analytical means and is adopted by all seismic codes of practice. 
2.1.4.3 Response Spectrum Concept 
A plot of the peak values of a response quantity, such as displacement or acceleration, as 
a function of the natural vibration period, or a related parameter such as natural frequency, 
is called a ‘response spectrum’ for that quantity, (Mohraz, 1976; Chopra, 2001; Clough 
and Penzien, 2003). Consider SDOF system with a mass, stiffness and natural frequency 
of 𝑚, 𝑘 and 𝜔𝑛, respectively. At any time instant the internal force 𝑓(𝑡) generated in the 
system due to a dynamic deformation of 𝑢(𝑡) is given by: 
 
𝑓(𝑡)  = 𝑘𝑢(𝑡)         (2.8) 
 
Expressing 𝑘 in terms of 𝑚 and 𝜔𝑛   gives: 
 
𝑓(𝑡)  = 𝑚 𝜔𝑛
2𝑢(𝑡) = 𝑚𝑆(𝑡)        (2.9) 
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Where: 
 
𝑆(𝑡)  = 𝜔𝑛
2𝑢(𝑡)         (2.10) 
 
The quantity  𝑆(𝑡) is called the ‘pseudo-acceleration’. 𝑆(𝑡) has the units of acceleration 
with the prefix ‘pseudo’ indicating that 𝑆(𝑡) is not the real acceleration of the system 
which is denoted by ?̈?(𝑡).  For the peak deformation of a system 𝑢𝑚𝑎𝑥 due to a certain 
earthquake ground motion, pseudo-acceleration is given by: 
 
𝑆𝑚𝑎𝑥  =  𝜔𝑛
2𝑢𝑚𝑎𝑥  → 𝑢𝑚𝑎𝑥 =
𝑆𝑚𝑎𝑥
𝜔𝑛2
⁄       (2.11) 
 
 
The ‘pseudo-acceleration response spectrum’ is a plot of 𝑆𝑚𝑎𝑥 as a function of the natural 
period, or a related parameter such as natural frequency. Therefore, for a particular 
earthquake ground motion, response spectrum can be plotted for various natural periods 
𝑇𝑛 and a fixed value of damping. Several such plots are needed to cover the range of 
damping values encountered in actual structures. Once the response spectrum for a 
particular ground motion is defined, maximum deformation of any SDOF system to this 
excitation for a given value of damping can be calculated from Eqn (2.11). Fig 2.3 shows 
the pseudo-response spectrum for the magnitude 6.6 Bam earthquake, which devastated 
the city of Bam in Kerman province in south eastern Iran in 2003, (Pacific Earthquake 
Engineering Research Centre (PEER), 2011). 
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Fig 2.3 Pseudo-response spectrum, Bam earthquake 2003 Iran, (PEER, 2011) 
2.1.4.4 Design Spectrum Concept 
Although a response spectrum provides a useful means of calculating the peak seismic 
response of SDOF system, its application for designing new structures is limited. This is 
due to the fact that a response spectrum curve is based on a particular previous earthquake 
record, and a certain SDOF system shows quite different responses to different earthquake 
excitations. Moreover, there are other important parameters that significantly affect the 
response, such as soil condition and seismicity of the region. Therefore, seismic codes of 
practice provide a response spectrum which is constructed by compiling numerous 
earthquake records, and also incorporating site-specific conditions such as soil type and 
seismicity of the region, which is called ‘design response spectrum’. A response spectrum 
is characterised by a jagged shape made up of peaks and valleys of varying magnitudes, 
as shown in Fig 2.3. However, design response spectra are smoothed. In a design response 
spectrum the ordinates are also referred to as the ‘spectral acceleration’. Fig 2.4 shows a 
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typical example. The figure contains horizontal acceleration response spectra for six 
different earthquake motions and two design response spectra are for two soil types, 
(MCEER, 2009). 
 
 
Fig 2.4 Response spectra and design response spectra for a site in New Zealand  
(MCEER, 2009) 
2.1.5 Linear Earthquake Response of Multi-degree of Freedom Systems  
2.1.5.1 General Remarks 
The equation of motion for a linear multi-degree-of-freedom system (MDOF), subjected 
to earthquake excitation, is expressed as: 
 
𝑴?̈? + 𝑪?̇? + 𝑲𝒖 = −𝑴?̈?𝒈        (2.12) 
 
In Eqn (2.12) 𝑴, 𝑪 and 𝑲 represent mass, damping and stiffness matrices of the system, 
respectively. 𝒖, ?̇? and ?̈? are, respectively, nodal displacement, velocity and acceleration 
vectors of the system.  ?̈?𝒈 is the acceleration vector of the ground motion excitation. 
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2.1.5.2 Modal Analysis  
Dynamic behaviour of a linear structure can be best investigated by studying its ‘modal 
response’ which is normally done by performing a ‘modal analysis’. Modal analysis is a 
systematic procedure, which is carried out to obtain the deformed shape of a structure 
subjected to a dynamic excitation. Based on the principles of modal analysis, the response 
of a structure to any dynamic excitation can be expressed as the superposition of a number 
of shapes known as ‘mode shapes’. Each mode shape corresponds to a natural mode of 
vibration and is associated with a unique frequency. Therefore, prior to a modal analysis 
a ‘natural frequency analysis’, or ‘eigenvalue analysis’, is required to obtain the natural 
frequencies and mode shapes of a structure. Mode shapes represent natural vibrational 
characteristics of an undamped MDOF system. A mode shape is defined as the shape in 
which the distribution of displacements in various DOFs are such that if the system is 
displaced in one of these shapes and released, it will vibrate in simple harmonic motion 
and maintains its initial deformed shape, (Chopra, 2001; Clough and Penzien, 2003). 
Natural frequencies and mode shapes of an undamped MDOF system are obtained by 
solving the following matrix equation:  
 
[𝑲 − 𝜔𝑛
2𝑴]∅𝑛
 = 0         (2.13) 
 
Where: 
𝐾 represents the stiffness matrix,  
𝑀 represents the mass matrix,  
∅𝑛
   is the vector representing the nth natural mode and 
𝜔𝑛      is the scalar representing the nth natural circular frequency. 
2.1.5.3 Response Spectrum Analysis  
‘Response spectrum analysis’, introduced by Biot and Housner, is a procedure for 
computing the maximum linear responses of a structure to a dynamic excitation, (Trifunac 
et al, 2008). Prior to the rapid developments in analytical methods and computational 
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techniques during the past few decades, response spectrum method was the standard 
approach for linear seismic analysis, (Wilson, 1997). This method is still a central concept 
in earthquake engineering and is widely accepted by all major codes of practice.  
Response spectrum analysis is based on the principles of modal superposition, in which 
the response of a dynamic system is described by the summation of its responses to various 
modes of vibration. Accordingly, response spectrum analysis is only applicable to linear 
systems, (Chopra 2,001; Luo et al, 2008; Luo et al, 2009). For a response spectrum 
analysis, most current codes of practice state that the number of modes considered in the 
analysis must be such to give rise to at least 90% total mass participation in each principal 
direction. Principles of response spectrum analysis are briefly described in the fallowing 
sections.   
2.1.5.3.a Calculation of Total Response of an MDOF system  
According to the principles of modal analysis, in an MDOF system, each of the vibration 
modes can be assumed to respond independently as an SDOF system.  Based on this 
important assumption, the maximum value of the structural responses in each mode to a 
predefined design response spectrum is calculated. The overall linear response of the 
structure is then evaluated by combining the individual modal responses, using a suitable 
statistical scheme such as SRSS (Square Root of the Sum of the Squares) or CQC 
(Complete Quadratic Combination) methods, which will be described in the following 
section. 
2.1.5.3.b Modal Combination 
Once the responses associated with each vibration mode are obtained, maximum 
responses within the structure can be estimated by combining the individual modal 
responses.  For this purpose, several statistical schemes can be used, three of which are 
described below, (Chopra, 2001). 
The simplest method is the ‘Absolute Sum’ approach, in which peak values of structural 
responses are estimated by summing up the absolute values of modal responses, as given 
by:  
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𝑟𝑜 =  ∑|𝑟𝑖𝑜|                                                                                                                      (2.14)
𝑛
𝑖=1
 
Where: 
𝑟𝑜 represents the peak value of total responses, 
𝑟𝑖𝑜  represents the peak value of the i
th modal response and 
𝑖 represents the number of vibration modes. 
 
The implicit assumption of this approach is that all modal peaks occur at the same time. 
Consequently, absolute sum method results in a very conservative estimation of the peak 
values of the total response. 
The ‘Square Root of the Sum of the Squares’ (SRSS) method, developed in  
E Rosenblueth’s PhD Thesis in 1951, is possibly the most common method used in 
practice. In this method, the peak values of total responses are estimated by: 
 
𝑟𝑜= (∑ 𝑟𝑖𝑜
2
𝑛
𝑖=1
)
1
2⁄
                                                                                                                 (2.15) 
 
SRSS method provides good results for structures with well separated frequencies. On the 
other hand, the dynamic behaviour of three-dimensional structures with relatively large 
numbers of DOFs is associated with a large number of parallel and closely spaced 
frequencies. It is known that SRSS method does not provide accurate results for these 
structures. The ‘Complete Quadratic Combination’ (CQC) method, introduced by Wilson 
E L and Der. Kiureghian in 1981, overcomes this problem, (Chopra, 2001; Luo et al, 
2009). The CQC method takes into account the coupling between closely spaced modes 
caused by modal damping. Based on the CQC rule, the peak values of total responses are 
estimated by Eqn (2.16), the following equation: 
 
` 
35 
𝑟𝑜 ≈ (∑ ∑ 𝜌𝑖𝑗𝑟𝑖𝑜𝑟𝑗𝑜
𝑛
𝑗=1
𝑛
𝑖=1
 )
1
2⁄
                                                                                           (2.16) 
 
Where: 
𝜌𝑖𝑗 is the correlation coefficient for modes i and j as given by Eqn (2.17),  
𝑟𝑖𝑜  represents the peak response of i
th mode and 
𝑟𝑗𝑜 represents the peak response of j
th mode. 
 
𝜌𝑖𝑗 =
8√𝜉𝑖𝜉𝑗(𝛽𝑖𝑗𝜉𝑖 + 𝜉𝑗)𝛽𝑖𝑗
3
2⁄
(1 − 𝛽𝑖𝑗
2 )
2
+ 4𝜉𝑖𝜉𝑗𝛽𝑖𝑗(1 + 𝛽𝑖𝑗
2 ) + 4(𝜉𝑖
2 + 𝜉𝑗
2)𝛽𝑖𝑗
2
                                      (2.17) 
  
The correlation coefficient is given by the experimentally obtained equation as proposed 
by Der. Kiureghian, where 𝜉𝑖 and 𝜉𝑗 represent the modal damping ratios of modes 𝑖 and 
𝑗, respectively. The coefficient 𝛽𝑖𝑗 is the ratio of natural circular frequencies of modes 𝑖 
and 𝑗, as: 
 
𝛽𝑖𝑗 =
𝜔𝑖
𝜔𝑗
                                                                                                                              (2.18) 
2.1.6 Nonlinear Earthquake Response of Structural Systems  
2.1.6.1 General Remarks 
Many real world structural problems involve nonlinear behaviour. For example, 
displacements of slender structures may be so large that changes of the structural shape 
cannot be neglected, many materials behave nonlinearly if external actions exceed certain 
values and supports constraints may change during loading. Accordingly, structural 
analysis in nonlinear systems requires nonlinear analysis. Nonlinear analysis is the 
prediction of the response of nonlinear structures by model based simulation. Simulation 
involves a combination of mathematical modelling, discretisation methods and numerical 
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techniques. Nonlinear analysis has been studied for a relatively long time, but the first 
contributions to the identification of nonlinear structural models date back only to the 
1970s. Since then, numerous methods have been developed because of the highly 
individualistic nature of nonlinear systems. A large number of these methods were 
targeted at single-degree-of-freedom (SDOF) systems, but significant progress in the 
identification of multi-degree-of-freedom (MDOF) lumped-parameter systems was 
realised during the last ten years, (Worden et al, 2001; Kerschen et al, 2006). 
In particular, structural response of lattice domes to severe earthquake excitation is highly 
nonlinear, which is largely due to the special structural particulars of these structures, as 
explored in Section 2.2 Accordingly, seismic response evaluation of lattice domes 
normally requires a full geometrically and materially nonlinear dynamic analysis. 
2.1.6.2 Sources of Nonlinearities in Structural Systems 
Nonlinearity in structural systems can be contributed to the following three main sources, 
(Kerschen et al, 2006): 
 Material nonlinearity, 
 Geometrical nonlinearity and 
 Boundary condition nonlinearity. 
2.1.6.2.a Material Nonlinearity 
Material nonlinearity arises when the structural material exhibits non-linear, or inelastic, 
stress-strain relationship. A typical elasto-plastic material behaviour for structural steel 
under tension is shown in Fig 2.8. It can be seen that once a structure achieves its yield 
strength, additional loading will cause the response to deviate from the initial tangent 
stiffness (elastic behaviour). Nonlinear response may then increase (hardening) to an 
ultimate point before degrading (softening) to a residual strength value, where the rupture 
happens, (Masri et al, 1979). 
 
` 
37 
 
 
Fig 2.8 Typical elasto-plastic material behaviour, (Masri et al, 1979) 
 
Fig 2.9 illustrates the unloading path, as well as the plastic (permanent) strain, in a typical 
elasto-plastic material after the yield point. It can be seen the unloading path has almost 
the same tangent of the loading path in the elastic range.  
 
 
Fig 2.9 Unloading path in an elasto-plastic material after yielding, (Masri et al, 1979) 
The numerical solution of a non-linear problem involves approximating the non-linear 
segment of the stress-strain curve with a series of piece-wise linear segments. Each linear 
segment is approximated by a tangent modulus (ET) which is computed as the ratio of 
stress over strain for that particular line segment as shown in Fig 2.10.  Accordingly, the 
system’s response is obtained at each segment by assuming that the system is linear, based 
on the calculated structural properties at the beginning of the segment. At the end of each 
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segment, the system’s properties are modified according to the levels of stress and strains 
in the members and are used as initial conditions for the next segment.  
This type of solution method known as ‘iterative methods’, is the standard procedure for 
solving nonlinear problems. ‘Newton-Raphson’ and the ‘modified Newton-Raphson’ 
methods are two fundamental iterative methods for solving the nonlinear equilibrium 
equations. For a complete description about these methods, the reader is referred to 
Deuflhard (2011). 
 
 
Fig 2.10 Approximation of elasto-plastic material behaviour, (Masri et al, 1979) 
2.1.6.2.b Geometrical Nonlinearity 
Nonlinear analysis becomes necessary when the stiffness of a structure changes under 
external actions. If changes in stiffness are due to changes in the structural shape and form, 
nonlinear behaviour is defined as ‘geometric nonlinearity’, (Masri et al, 1979). Such 
nonlinearities can occur due to large displacements, large strains, large rotations, and 
different types of structural instability such as buckling. If the changes in stiffness are 
sufficient to cause the structure’s stiffness to drop to zero, instability occurs and the 
structure experiences a rapid deformation. The point at which the structure’s stiffness is 
completely lost and the system becomes unstable is called the ‘limit point’, as shown in 
Fig 2.11. Buckling does not necessarily result in catastrophic failure, and the structure 
may still acquire a new stiffness in its post-buckling state, (Tin et al, 1993; Liu et al, 2007).   
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Spatial structures are usually used to cover large areas. Furthermore, due to their excellent 
three dimensional load bearing capability, structural elements of spatial structure are 
normally relatively slender. Therefore, spatial structures are prone to different types of 
instabilities, (Gioncu, 1995). 
Accordingly, spatial structures may lose their stability by sudden buckling into a mode of 
deformation before the limit point, which normally occurs at a distinct critical point known 
as the ‘bifurcation point’ on the load path, as shown in Fig 2.11. It should be noted that 
initial imperfection in the structure greatly reduce the value of critical load, (Lan et al, 
1999).   
 
 
 
 
Fig 2.11 Instability points, (Lan et al, 1999) 
2.1.6.2.c Boundary Condition Nonlinearity 
Nonlinearity in structures may also arise due to nonlinear boundary condition. The 
presence of nonlinear springs, viscous dampers or base isolations at supports, or partial 
slipping of the supports can cause nonlinearity in the structural system, (Naeim et al, 
1999). Also, the soil-structure interaction effect at foundations causes boundary condition 
nonlinearity, and should be taken into account if its effect is significant. In mechanical 
systems, where assemblies normally comprise of multiple components, boundary 
condition nonlinearity normally occurs in the form of either self or component-to-
component contact. In this case, component contacts produce stresses and friction that 
result in disproportionate changes in deformation and the stiffness of the assembly may 
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change considerably. Examples include bolted connections, toothed gears, and different 
forms of sealing or closing mechanisms, (Sathyamoorthy, 1996). Further information 
about base isolating systems and other seismic devices is given in Section 2.2.5. 
2.2 Seismic Behaviour of Lattice Domes 
2.2.1 Introduction 
Spatial structures are considered to be structures with desirable seismic performance. The 
fact that most of these structures survived the 1995 Hyogoken-Nanbu (Kobe) earthquake 
makes such an understanding widely acceptable. According to the surveys carried out by 
prominent academics, in over one hundred double layer and many single-layer spatial 
structures in the Kobe earthquake region, no full or partial collapse was reported, and the 
overall damage to spatial structures was rather minor. In fact, most of these structures 
were later used as refuge shelters for thousands of people who had lost their homes in this 
devastating earthquake, (Kawaguchi K, 1997; Kato et al 1995). This favourable behaviour 
was also witnessed during the 2008 powerful Wenchuan earthquake (China), where 
amongst numerous spatial structures in the earthquake hit area no major collapse was 
reported, (Feng et al, 2009).   
Meanwhile, the problem of dynamic response and failure mechanism in spatial structures 
during severe seismic motions, still poses a challenging problem to the earthquake 
research community and structural engineering practice alike. Single-layer lattice domes 
exhibit a complicated dynamic response associated with severe geometrical and material 
nonlinearities, in which the response changes drastically with the geometrical particulars 
of the structure, as discussed in Sections 2.2.2 and 2.2.3.   
Moreover, experience obtained from past earthquakes shows that seismic damage to 
nonstructural elements and facilities could be crucial for spatial structures. In particular, 
the fall of suspended ceilings, suspended services, heavy lighting and acoustic elements, 
during severe earthquakes could cause serious human casualties, (Kawaguchi K, 1997).  
Research on seismic behaviour and collapse mechanisms of lattice domes has been 
initiated during the last few decades and still offers challenging problems. 
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2.2.2 Seismic Performance of Spatial Structures in Past Earthquakes 
2.2.2.1 Hyogoken-Nanbu (Kobe) Earthquake, Japan (1995) 
On 17th January 1995 in Japan, a devastating earthquake hit the Hanshin area. This 7.2 
magnitude earthquake, which is officially named ‘Hyogoken-Nanbu (Kobe) earthquake’, 
caused heavy damage to various structures. Major damage to highways, bridges, railway 
tracks and buildings shocked Japanese engineering society and the research community 
alike. However, many spatial structures in the region were scarcely damaged and most of 
them were used as refuge shelters for thousands of people, (Kunida, 1997). Seismic 
performance of spatial structures in the region during the 1995 Hyogoken-Nanbu 
earthquake was reflected in several surveys carried out by prominent academics and 
researchers, (Kawaguchi K, 1997; Kato et al, 1995). In a survey carried out by Saka et al 
(1997), it was indicated that in single-layer spatial structures, the general situation of 
damage was limited to the delamination of concrete around anchor bolts at supports which 
were set on concrete transverse walls, columns and cross beams. An example of a typical 
damage is shown in Fig 2.12. 
 
 
Fig 2.12 Breaking off at roof support, (Kawaguchi K, 1997) 
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The reports also indicate that among lattice spatial structures in the region, less than ten 
were severely damaged. Typical types of damage were failure of anchor bolts at the roller 
bearings and inelastic buckling of members close to the supports. In the survey carried out 
by Kawaguchi (1997), similar findings were reported. Furthermore, in this report the 
damage to suspended non-structural elements and facilities was highlighted.  
2.2.2.2 Wenchuan Earthquake, China (2008) 
On 12th May 2008, a devastating magnitude 8.0 earthquake hit Wenchuan, a small county 
in southwest China. Official figures state that there have were more than 69,000 fatalities 
and about 5 million people left homeless. Many structures experienced complete collapse 
in this earthquake, (Sichuan Alpine Ecology Study Centre, 2009; Feng et al, 2009), 
investigated the hit area immediately after this earthquake. According to this survey, 
amongst many double layer grids and lattice shells existing in the area using light-weight 
cladding, no full or partial collapse was witnessed and the damage was mainly minor. The 
general situation of damage was limited to member buckling, breaking off at supports, 
cracking of internal walls and damages to cladding. Examples of member buckling and 
failure are shown in Fig 2.13. 
 
  
Fig 2.13 breaking off at roof support, (Kawaguchi K, 1997) 
 
It is important to notice that some double layer lattice grids using reinforced concrete slabs 
at their top layer, suffered heavy damage and in some cases complete collapse. This can 
be contributed to the fact that the significant addition of mass due to the reinforced 
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concrete slabs attracts considerable seismic forces to the system. An example of this case 
is shown in Fig 2.14. The left picture shows a complete collapse of a factory roof where 
the concrete slabs were used as the top layer; the right picture illustrates the detail used 
for the flooring system. In general, the lightness of spatial structures plays a key role in 
their seismic resistance. Therefore, covering spatial structures with heavy materials, such 
as reinforced concrete, impairs their seismic capability and should be avoided in 
earthquake prone areas. 
 
 
 
Fig 2.14 Damages to a grid shell of a factory in Jiangyou city, (Feng et al, 2009)  
2.2.3 Dynamic Characteristics of Lattice Domes 
Lattice domes have exhibited promising performance during severe earthquakes as 
reported in Section 2.2.2. The key to this superior behaviour can be attributed to the 
following characteristics, (Moghadam, 2004; Kato et al, 1995; and Ogawa et al, 2007). 
 
 Their relatively light self-weight, 
 High degree of redundancy and 
 Three dimensional geometrical form and load distribution. 
 
At the same time, the seismic response of lattice domes is complicated and fundamentally 
differs from conventional building structures in many ways, as follows: 
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1. Due to a large number of degrees of freedom, lattice domes usually have densely 
distributed natural frequencies and complex vibration modes, in which the participation 
of sway modes as well as asymmetrical modes in the overall dynamic response is 
important. In particular, the influence of asymmetrical modes on the overall response is 
significant. In asymmetrical modes both vertical and horizontal displacements are 
simultaneously stimulated due to horizontal earthquake motions, (Kato et al, 2012; Kato 
et al, 1997; Nakazawa, 2003; Yin et al, 2009). A typical asymmetrical mode, stimulated 
by horizontal seismic vibration is shown in Fig 2.15. 
 
 
Fig 2.15 Asymmetrical mode in lattice domes subjected to horizontal motion  
(Nakazawa, 2003)  
 
Additionally, it has been shown that lattice domes can be sensitive to the vertical 
component of ground motion. This effect is particularly noticeable for shallower domes, 
(Lan et al, 2000; Yamada, 1997).  
 
2.  In ordinary frame buildings, the horizontal and vertical modes are clearly separated 
and uncoupled and the horizontal response is normally governed by the first horizontal 
mode known as the ‘fundamental mode’. Consequently, in ordinary frame buildings 
vertical displacements due to horizontal motions, do not usually affect the seismic 
response and are normally ignored. On the other hand, in lattice domes, horizontal seismic 
ground motion can cause large asymmetric vertical responses which should be taken into 
account. Moreover, it has also been shown that lattice domes, especially shallow ones, are 
sensitive to vertical component of ground motion, (Nakazawa, 2003; Yin et al, 2009; Fan 
et al, 2007). 
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3. Structural response of lattice domes under gravitational loading is characterised by 
large deformations and sensitivity to geometric and load imperfection. It is well known 
that the common mode of failure for these structures is various types of instability. 
Furthermore, structural members of lattice domes, usually designed by normal codes of 
practice, experience development of plasticity under severe earthquake loading. 
Therefore, it is normally necessary to perform a geometrically and materially nonlinear 
dynamic analysis for evaluation of the ultimate dynamic response, (Kato et al, 2012; Fan 
et al, 2007). 
 
4. The presence of substructures has a commanding effect on seismic response of lattice 
domes. Research results show that excessive lateral stiffness of substructure can amplify 
the response of the dome and produce large reactions at the dome supports, sitting on the 
substructure, (Kato and Nakazawa, 2001; Kato and Nakazawa, 2002). It has been shown 
that in cases where the substructure members were restrained against buckling and 
allowed to yield under seismic excitation, seismic response was significantly reduced, 
(Kato et al, 2003; Kato et al, 2006).    
 
5. When the distance between the supports of a structure is large, arrival time of seismic 
excitation at different supports varies. Therefore, different time history forcing functions 
in terms of ground acceleration will be applied to different supports. This phenomenon is 
referred to as ‘multiple support excitation’. Spatial structures are often used in the 
construction of long span structures. Consequently, the effect of multiple support 
excitations, on supports in both horizontal and vertical directions cannot be ignored. 
Numerical results show that multiple support excitations has a significant amplification 
effect on the seismic response of spatial structures and should be taken into account, (Su 
et al, 2007; Xue et al, 2004). 
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2.2.4 Collapse Mechanisms of Lattice Domes  
Another important aspect regarding the seismic response of lattice domes involves 
research on ‘nonlinear response and failure mechanisms’ of these structural systems under 
severe earthquake excitation. Research shows that dynamic failure of lattice domes may 
be initiated by either a ‘dynamic instability collapse mechanism’ or a ‘dynamic strength 
failure mechanism’. In a dynamic instability collapse mechanism, failure of the system 
under seismic action is mainly due to dynamic buckling of the system where normally 
member and global buckling prevail simultaneously and the structure loses its 
functionality. When the collapse is due to dynamic strength failure, development of 
excessive plastic regions associated with large deformations can be traced in seismic 
response, (Fan et al, 2005; Kato et al, 1997; Fan et al, 2007). 
Li and Shen (2001), investigated dynamic instability of shallow single-layer lattice domes 
experimentally, using shaking table tests. The experimental models were subjected to 
scaled earthquake loadings and structural responses (namely nodal displacements and 
member stresses) were monitored. According to the results, at certain time steps during 
the excitation, dramatic increases in nodal vertical displacements were observed which 
were regarded as a sign of dynamic instability. It was also shown that time history curves 
of member stress experience significant changes which were assumed to be the 
consequence of the loss of partial or total structural capacity during dynamic instability 
stages. Accordingly, it was concluded that sharp changes in both nodal displacements and 
member stresses could be regarded as the signs of dynamic instability. Moreover, 
monitoring the post-buckling response of the experimental models showed that after the 
first dynamic instability event, the system was shifted from its initial vibrating state to a 
new one and effectively restored its dynamic stability at the new vibrating state. Therefore, 
it was concluded that a lattice dome dynamically unstable at a certain time may become 
stable afterwards and continue to resist the dynamic action. Therefore, under a cyclic 
action such as earthquake loading, several dynamic instabilities at different time instances 
are to be anticipated. The study, however, was limited to defining the ‘signs of dynamic 
instability’ under seismic action and did not propose an explicit definition for the state of 
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‘dynamic instability collapse’ where the models effectively lose their structural 
functionality. 
Ishikawa and Kato (Kato et al, 1997) presented a method for dynamic buckling analysis 
of lattice domes. In the proposed method, an analytical approach was proposed to evaluate 
the buckling capacity of domes. The method is based on the assumption that member and 
global buckling prevail simultaneously and the collapse acceleration was calculated 
accordingly. Furthermore, the dynamic buckling behaviour induced by vertical earthquake 
motion was investigated using the dynamic analysis assuming linear behaviour. 
Fan, Shen and Parke (Fan et al, 2005) proposed a method for estimating the dynamic 
strength failure amplitude of lattice domes under severe earthquake loading. A typical 
single-layer diamatic1 single-layer spherical lattice dome was used to demonstrate the 
method used for evaluating the dynamic strength failure. The span of the dome was 40 
meter and the chosen rise-to-span-ratio was 1 to 3. The seismic input wave was the 3D El-
Centro wave, (Ulrich 1941). The imposed live mass was assumed to be 200 kg/m2. The 
joints of the dome were assumed to be rigid and the dome was considered to be pinned at 
all of the supports. All the element sections were structural mild steel and were assumed 
to be perfectly elastic-plastic in behaviour. Both geometric and material non-linearity were 
taken into account. A value of span/300 was taken as the amplitude of the initial geometric 
imperfection, and the elastic critical load of the dome was approximately twice the design 
load value, as recommended by Shen (1999). During the dynamic analysis, the input 
acceleration was gradually increased. It was shown that with increase in dynamic 
acceleration, plastic regions within the structure were gradually developed and the number 
of plastic elements increased. Analysis results showed that all elements of the dome were 
elastic when the input acceleration was small. When the acceleration reached 380 gal, two 
elements of the structure became plastic, however the degree of plasticity throughout their 
cross-sections was very low. Finally, when the input acceleration was increased to 900 
gal, the number of plastic elements was 196 which made the plastic element ratio reach 
                                                 
1 For information about diamatic domes and their geometrical particulars, please see Section 4.6 
 
` 
48 
48%.  At this point the ductility of the structure and the ductility of individual members 
were almost exhausted and consequently the dome lost its load carrying capability.  
The method was then used for several single-layer diamatic dome models, with different 
rise-to-span-ratios. It was shown that in almost all cases under severe earthquake action, 
dynamic failure was due to excessive development of plasticity within the structure and 
large displacements. Accordingly, a parameter, namely the ‘Dynamic Strength Failure 
Acceleration’ (DSFA), was defined as the acceleration at which the rate of spread of 
plasticity and node displacement reaches a runaway level and the structure becomes 
dynamically unstable. For the dome structures considered, DSFA occurred at an 
acceleration of approximately 8 m/s2. In addition, the DSFA decreased by 15%-50% for 
the imperfect structures when compared with the perfect domes and was lower for the 
multi-directional seismic input. Furthermore, the DSFA decreases gradually with a 
corresponding increase in the rise-to-span-ratio, which implies greater seismic resistance 
for shallower domes.  
An important research in this direction was carried out by Fan et al (2007), in which failure 
mechanisms of single-layer lattice domes under dynamic action were investigated. For 
this purpose, several single-layer lattice domes, with varying rise-to-span-ratios, were 
subjected to a set of harmonic actions as well as several earthquake excitations. Seismic 
responses were evaluated by means of a detailed geometrically and materially nonlinear 
dynamic analysis. It was shown, that dynamic structural failure can be initiated by either 
‘dynamic instability mechanism’ or ‘strength failure mechanism’. 
Dynamic structural failure was determined on the basis of a comprehensive study on the 
relationship between some structural responses and dynamic load intensity. These 
responses included the percentage of yielded members, the maximum deformation value 
throughout the entire dynamic response and the structural weighted mean of the maximum 
strain of the members. Based on dynamic responses of the structures, a criterion was 
proposed to determine the governing failure mode. 
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Although the problem of dynamic instability failure of single-layer lattice domes were 
studied by several researchers, as reported by Kato et al (1996) and Shen (2003), the 
criterion proposed in this research was noble. It was shown that if a small increment in 
loading leads to a large increase of the displacement response, the structural collapse is 
due to dynamic instability mechanism and the corresponding maximum amplitude of the 
load can be assumed as the critical value of the dynamic loading. Therefore, dynamic 
instability collapse is characterised by an abrupt drop in structural capacity with relatively 
small displacements.  
On the other hand, in many cases development of excessive plastic deformation in the 
structure under dynamic action were traced which led to a strength failure mechanism. 
Strength failure mechanism is characterised by a high ratio of yielded members and 
significant displacements before the total collapse. Accordingly, if the ratio of yielded 
members to maximum displacement amplitude reach a specified ultimate value, the 
structure was considered to fail in strength, rather than a dynamic instability failure, and 
the corresponding maximum amplitude of load can be determined as the ultimate load of 
strength failure at the structure. 
The research investigated dynamic response of several single-layer lattice dome models 
with different rise to span ratios. Table 2.1 shows analysis results, ultimate dynamic loads 
and failure modes of one of these models, namely a single-layer diamatic dome with rise-
to-span-ratio of 1/3, subjected to both vertical and horizontal harmonic actions. It can be 
seen that maximum displacements and the ratio of yielded members are significantly 
larger in strength failure cases. Moreover, the study showed that the failure mode had a 
significant relation to the spectral characteristics of the dynamic loading. In particular, 
most strength failures occurred when the excitations had frequencies inside the range of 
the resonant zones of the domes.  
The research also studied the dynamic response of the single-layer domes to earthquake 
excitations.  Accordingly, several dome models were subjected to ground records of the 
El Centro (1940) and Taft (1952) earthquakes, with varying maximum accelerations. A 
summary of earthquake responses is given in Table 2.2. 
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Table 2.1 Critical load and corresponding characteristic responses for single-layer lattice domes 
under harmonic action (rise-to-span-ratio=1/3), (Fan et al, 2007) 
Under horizontal harmonic action Under vertical harmonic action 
Load 
frequency 
(Hz) 
Critical 
load 
(gal) 
Yield 
element 
ratio 
Max. 
displacement 
(m) 
Failure 
character 
Load 
frequency 
(Hz) 
Critical 
load 
(gal) 
Yield 
element 
ratio 
Max. 
displacement 
(m) 
Failure 
character 
1.0 600 0.364 0.224 Instability 1.0 1855 0.130 0.06856 Instability 
2.6 97 0.145 0.146 Instability 3.3 790 0.558 0.502 Strength 
3.0 245 0.365 0.655 Strength 3.5 790 0.662 0.643 Strength 
3.2 320 0.572 0.595 Strength 5.0 975 0.375 0.137 Instability 
3.7 495 0.254 0.197 Instability 6.6 720 0.610 0.684 Strength 
5.0 1980 0.745 0.551 Strength 6.7 720 0.430 0.499 Strength 
9.0 1185 0.340 0.713 Strength 10.0 1980 0.182 0.132 Instability 
     12.5 1980 0.392 0.2 Instability 
 
 
Table 2.2 Critical load and corresponding characteristic responses for single-layer lattice domes 
under harmonic action (rise-to-span-ratio=1/3), (Fan et al, 2007) 
Earthquake motion Taft (1952) El Centro (1940) 
Rise-to-span-ratio 1/3 1/5 1/7 1/3 1/5 1/7 
Ultimate 
load of 
instability 
failure 
Critical load 
(gal) 
690 1190 1680 790 1680 2280 
Ratio of 
yielded 
elements (%) 
80.3 86.9 88.4 69.8 84.1 86.3 
Maximum 
strain ratio 
36.8 16.5 14.3 17.7 17.3 13.9 
Critical 
displacement 
(m) 
0.61 0.82 0.86 0.77 0.86 0.91 
Ultimate load of Strength 
failure (gal) 
650 800 1100 710 1370 1770 
Failure character 
Strength 
failure 
Strength 
failure 
Strength 
failure 
Strength 
failure 
Strength 
failure 
Strength 
failure 
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Fig 2.16 depicts the collapse acceleration amplitudes of the single layer dome models with 
different rise-to-span-ratios, the corresponding critical loads for both instability and 
strength failure, together with response values are given in Table 2.2. 
 
 
Fig 2.16 Ultimate earthquake responses of dome models, (Fan et al, 2007) 
 
2.2.5 Seismic Devices and Controlling Systems for Lattice Domes 
Traditionally structural systems used the strength and ductility of their structural members 
to resist the seismic forces and dissipate earthquake induced energy. However, many past 
earthquakes have proven that structures collapse or lose their functionality when the 
ductility capacity of the structures is consumed during the earthquake. Several techniques 
exist to minimise earthquake effects on structures, such as light-weight structural design, 
and improving the ductility capacities of structures and structural controlling systems. In 
particular, structural controlling technology has been recognised as an effective and 
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modern tool in seismic mitigation, and are classified as active, passive, hybrid and semi-
active controlling system, (Chong-Shien, 2012). 
A passive controlling system includes the use of an isolating system together with special 
energy dissipating devices. Base isolation systems insert a soft layer or device (base 
isolator) between the structure and its foundation to isolate earthquake-induced energy 
trying to penetrate into the structure, thereby protecting the structure from earthquake 
damage. Accordingly, base isolating devices minimises seismic actions in two ways, 
(Naeim et al, 1999): 
 
 Reducing the total seismic demand through lengthening the natural period of the 
entire system and 
 Absorbing the seismic energy through the hysteretic loop of the isolator 
displacement and the force induced in the isolator, (Li et al, 1999; Shen et al, 
1998).  
 
Historically, the concept of base isolation dates back to the 19th century. J Touaillon was 
the first engineer who patented an isolation system in 1870. The isolation system proposed 
by Touaillon included doubled spherical concave surfaces and a rolling ball located 
between these two concave surfaces, as shown in Fig 2.16, (Touaillon, 1870).  
.  
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Fig 2.17 Touaillon’s original patent for a base isolation system, (Touaillon, 1870) 
 
Several similar isolation systems with a ball located between two spherical concave 
surfaces were proposed afterwards. Bakker’s proposal for an isolation system is shown in 
Fig 2.17, (Bakker, 1930). 
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Fig 2.18 Bakker’s original patent for a base isolation system, (Bakker, 1930) 
 
In Practice, base isolation devices are normally incorporated by replacing the conventional 
structural supports by isolation bearings, (Abdel-Ghaffar et al, 1995). Fig 2.18 shows a 
high damping rubber bearing used as a base isolation device. It can be seen that the 
relatively low horizontal stiffness of the base isolation device, compared to its high 
vertical stiffness, allows the structure to sway horizontally. This important structural 
property increases the natural period of the structure, which significantly decreases 
seismic actions on the structure as a consequence. However, increasing structural period 
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may result in very high horizontal deformations. Therefore, base isolations are usually 
used in combination with different types of dampers to solve this problem. Fig 2.19 shows 
an example of the application of hydraulic dampers installed at a bridge deck. Viscoelastic 
dampers are also commonly used in structural systems. This type of damper is made of 
copolymers or glassy substances, and are often incorporated in bracing members. 
Viscoelastic dampers dissipate energy through shear deformations of the viscoelastic 
material, which is analogous to the viscous damper with an added elastic component, 
(Chang et al, 2000; Kawaguchi M et al, 2000; Shingu et al, 2001; Xue et al, 2005).   
 
 
Fig 2.19 High Damping Rubber Bearing under test-Courtesy of University of Buffalo, USA 
 
 
 
Fig 2.20 Hydraulic dampers installed at a bridge, Courtesy of the Maurer Söhne Company 
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Due to rapid developments of seismic devices such as base isolators and different types 
of damping devices, some researchers have focused on studying the effects of these 
devices on the dynamic behaviour of lattice domes.  
The efficiency of base isolation devices for lattice domes with substructures was 
investigated by Kato et al (2001), Saitoh et al (2001), and Nakazawa (2003). To elaborate, 
the members of the substructures were restrained against buckling and the isolators were 
placed at the interface between the dome and its substructure. A full nonlinear dynamic 
analysis was carried out to trace the seismic response for both the buckling restrained 
members of the substructure and the members of the dome as well. It was shown that the 
isolating system had a significant effect on reducing the seismic response.  
Fan, Shen and Parke, investigated the effect of using a viscous damper system on reducing 
the dynamic response of a single-layer lattice dome. A finite element analysis algorithm 
was used to model and analyse the dome incorporating the viscous dampers. The response 
of the dome to seismic action was then evaluated using shaking table tests. The shaking 
table test results showed that the vibration reducing effect of the viscous damper system, 
when incorporated into the dome, was significant. Furthermore, the shaking table test 
results were compared with numerical calculations, and it was concluded that the analysis 
algorithm used to model the viscous damper was suitable and can be used to reduce 
damage occurring in braced lattice domes constructed in a seismic prone region, (Fan et 
al, 2004). 
Wang et al (2008), investigated the effect of ‘Buckling Restrained Braces’, (BRB) on the 
seismic behaviour of single-layer latticed domes. A BRB is a dissipative bracing which 
consists of a steel core plate surrounded by mortar and enclosed in a steel tube. A 
membrane called the un-bonding material exists between the core plate and the mortar. 
The steel used in a BRB has a very low yield stress, and therefore it is capable of 
dissipating energy when subjected to small displacements. In this study BRBs have been 
used in different arrangements, and the responses of the models were compared in terms 
of displacements. It was shown that the use of these dissipative braces has reduced the 
maximum displacements by a value of up to 25%. However, the reduction of axial forces 
was not significant and was limited to a maximum value of 5%. 
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Xue et al (2008), reviewed the seismic isolation systems commonly used in spatial 
structures. It was noted that currently two types of seismic devices are used in practice, 
namely ‘Rubber Bearing Systems’ and ‘Friction Sliding Systems’. The former system has 
been used in some important structures such as Saitama Super Arena, Yamaguchi Kirara 
Dome and Kyoto Aqua Arena, all were in Japan. Friction sliding systems have been used 
in the terminal roof of the Istanbul Ataturk International Airport, the Seahawks Football 
Stadium in Seattle, and the terminal of San Francisco International Airport. Although 
these types of isolation devices are quite effective in isolating horizontal earthquake 
excitations, for lattice domes they have a major inadequacy. This is due to the fact that 
seismic responses in these structures are equally influenced by both horizontal and vertical 
ground motions. To overcome this problem a three-dimensional seismic isolation device 
has been introduced by researchers, which has appropriate energy dissipating capability 
in the vertical direction. The device consists of two parts, a frictional sliding device in the 
horizontal direction and helical springs or disc springs in the vertical direction. Theoretical 
models of the device are also established. The experimental results show that the proposed 
theoretical models are able to accurately predict the seismic isolation properties of the 
device. Finally, the seismic response of a 120m span hangar roof installed with the 
proposed device was analysed in detail. It was shown that the proposed bearing system 
can be effectively used in seismic isolation of spatial structures. Fig 2.21 illustrates the 
basic components of the bearing system. 
 
 
 
 
  
 
 
   
Fig 2.21 Conception model of the 3DSIB 
Vertical springs 
Sliding surface 
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2.3 Analysis Approaches for Seismic Response Evaluation of 
Lattice Domes  
2.3.1 Introduction 
This section summarises current procedures for seismic response evaluation of lattice 
domes. For linear systems, it has been shown that due to the inherent dynamic 
characteristics of lattice domes, their linear dynamic response can be conveniently 
estimated by response spectrum analysis using the CQC combination rule, as described in 
Section 2.1.5.3b, (Luo et al, 2009; Kato et al, 2012; Ogawa et al, 1998).  
However, dynamic response of lattice domes to strong ground motion is normally highly 
nonlinear, and the response significantly changes with the geometrical particulars of the 
structure. Accordingly, a realistic seismic analysis of lattice domes, commonly built in 
practice, normally requires a full geometrically and materially nonlinear analysis, using 
the finite element method. Due to several complexities associated with nonlinear dynamic 
finite element analysis, applicability of the ‘equivalent static seismic load’ concept in 
estimating the ultimate dynamic response of lattice domes, both linear and nonlinear, has 
been investigated by several researchers. Proposals put forward in this direction are 
described in Section 2.3.3. However, it should be noted that due to certain assumptions 
and limitations associated with these proposals, practical nonlinear seismic analysis of 
lattice domes still relies on time-history finite element procedures. Fig 2.21 illustrates 
current analytical methods for both linear and nonlinear dynamic analysis for spatial 
structure, (Kato et al, 2012). 
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`  
Fig 2.22 Current procedures for seismic analysis of spatial structures, (Kato et al, 2012) 
 
The research in this thesis aims to provide recommendations for nonlinear dynamic 
analysis of lattice domes. In this context ‘Modal Pushover Analysis’ (MPA), introduced 
by Chopra and Goel (2002), is used as the central analytical concept. Modal pushover 
analysis is a modification of the classic pushover analysis. In modal pushover analysis the 
peak seismic responses due to earthquake forces is determined by a series of pushover 
analyses using the inertia force distribution for each mode. Combining these peak modal 
responses by an appropriate modal combination rule (namely, CQC or SRSS rules) 
provides an estimate of the total seismic demand on inelastic systems.  
The great advantage of modal pushover analysis is that the contributions of higher modes 
to the ultimate response, as well as the associated changes in the vibration properties of 
the structure, can be effectively taken into account. Considering the special dynamic 
behaviour of lattice domes, as described in Section 2.2, modal pushover technique has 
proved to be a convenient method for estimation of nonlinear response of lattice domes. 
When applied to elastic systems, the modal pushover analysis procedure is equivalent to 
standard response spectrum analysis. The theoretical basis of modal pushover analysis is 
discussed in Section 3.4. The accuracy, validity and scope of application of the proposed 
method is studied in Section 5 of this thesis. 
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2.3.2 Modal Analysis 
Basic concepts of modal analysis were reviewed in Section 2.1.5.2. Based on the 
principles of modal analysis, total linear seismic response of a structure is evaluated by 
combining individual modal responses of the structure to a design spectrum using either 
CQC (Complete Quadratic Combination) or SRSS (Square Root Sum of Squared) 
methods, as described in Section 2.1.5.3.b. It has been shown that SRSS method yields 
good results for structures with well separated modal frequencies. However when the 
frequencies of major contributing modes are close together, as normally happens in three 
dimensional systems, SRSS method may lead to large errors. CQC method, introduced by 
Wilson (1981), can conveniently overcome this problem and is recommended for 
structures with densely distributed modal frequencies like lattice domes, (Zhou et al, 
2004). 
Modal analysis is only applicable to linear systems and its capability for estimating 
earthquake responses of lattice domes is limited. However, this important concept 
provides the basic ideas for modal pushover analysis of nonlinear systems, which is the 
central analytical tool used in this study for nonlinear earthquake analysis of lattice domes. 
2.3.3 Equivalent Static Seismic Forces  
The basic idea employed in equivalent static seismic load procedures is to place static 
loads on a structure with magnitudes and directions which can approximate the effects of 
dynamic loading caused by earthquakes. Consequently, complex seismic response may be 
estimated by a static analysis rather than a complicated and time-consuming nonlinear 
dynamic analysis.  
In conventional building structures, it is well established that the ultimate seismic response 
of the structure can be conveniently approximated by a single vibration mode, namely the 
fundamental mode. Furthermore, concentrated lateral forces due to earthquake loading 
normally tend to occur at floor and roof levels where concentration of mass is the highest. 
On the contrary, a single-layer lattice dome may be assumed to be a discrete mass system 
with a large number of dynamic degrees of freedom in all directions. Accordingly, 
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dynamic behaviour of single-layer lattice domes cannot be captured through a single 
vibration mode, and their dynamic response is normally influenced by a large number of 
horizontal, vertical and anti-symmetrical modes with scattered natural frequencies. These 
inherent characteristics result in a system which exhibits fundamentally different dynamic 
behaviour and seismic response as compared to conventional building structures. 
Accordingly, a practical and comprehensive equivalent static seismic loading system for 
single-layer lattice domes has not been provided yet. In the following sections related 
research in this direction is briefly reviewed.  
Research in this area was initiated by Shiro Kato and his co-workers, (Kato et al, 1997). 
In this research, equivalent static seismic forces for single-layer lattice domes with 
different rise-to-span-ratios were estimated based on time-history analysis. Initially, a 
number of single-layer diamatic domes, pinned at their bases, were modelled as parallel 
masses at different levels. The models were then subjected to time-history analysis using 
several scaled earthquake records. The distribution and intensity of the horizontal 
equivalent static seismic forces were estimated based on the assumption that maximum 
seismic loads would occur at the same time when some important design values in the 
dome become maximum. These important values may include the total base shear, total 
strain energy, axial forces in important members, reactions, displacements or accelerations 
at some important points. Accordingly, equivalent horizontal seismic forces were 
estimated by calculating the maximum nodal inertia forces at critical points, defined as 
the product of the lumped nodal masses and  the corresponding horizontal absolute 
accelerations. Also, in Kato’s work, the importance of asymmetrical modes was taken into 
account and the magnitude and direction of the maximum vertical inertia forces were 
determined in a similar fashion as employed for calculating the horizontal inertia forces. 
This study was extended later by Kato and Nakazawa in 2003. In this research the 
equivalent static seismic forces were estimated in the same fashion as described above. 
Thereafter, these forces were used as pushing forces in a pushover analysis for evaluation 
of the ultimate seismic response.  
However, the basic assumption of the proposed method, which relates the maximum 
seismic demands with certain structural responses, raises questions about its applicability. 
Apparently, different judgements about important response values can be made by 
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different structural designers, and the magnitude and location of these maximum 
responses may vary with different geometrical particulars, as well as boundary conditions. 
Moreover, the proposed method did not cover earthquake response of low-rise domes.   
Kato and his co-workers also investigated the effect of substructures on dynamic response 
of lattice domes and proposed equivalent seismic force schemes under certain 
circumstances, (Kato and Nakazawa, 2001; Kato and Nakazawa, 2002). It was shown that 
the presence of substructures has a significant effect on seismic behaviour of lattice 
domes. Namely, the excessive lateral stiffness of substructures can amplify the responses 
of a dome which, consequently, induces damage to the structure especially to the interface 
between the dome and its substructure. This finding is well in line with the type of 
damages to spatial structures observed in severe earthquakes, as described in Section 
2.2.2.  
Kato and his colleagues also examined the effect of the yielding of substructures on the 
seismic response of lattice domes, (Kato et al, 2003). It was shown that restraining the 
members of the substructure against buckling and allowing these members to yield under 
earthquake excitation, dramatically reduces the seismic response. This study was furthered 
by Kato et al (2006), where equivalent static seismic forces for a double layer lattice dome 
supported by ductile substructure were estimated. Again the members of the substructure 
were restrained from buckling and assumed to yield under a prescribed base shear. The 
equivalent seismic forces were then estimated based on the assumption that the general 
dynamic response may be approximated by two predominant vibration modes. These two 
modes consist of a horizontal sway mode and an asymmetrical mode. The ultimate 
nonlinear seismic behaviour of the structure was then estimated by means of a pushover 
analysis, using the proposed equivalent seismic loads as the pushing forces.  
In another study carried out by Kato et al (2007) the effect of substructures with braces 
experiencing deterioration due to buckling was also investigated. The equivalent seismic 
forces were proposed in a similar fashion as reported by Kato et al (2006). Equivalent 
seismic forces were then estimated and used in a pushover analysis to estimate the ultimate 
nonlinear dynamic behaviour.   
The effect of substructure on dynamic response of lattice domes can be effectively 
modelled by considering varying horizontal stiffness for the base supports. To elaborate, 
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by decreasing the ratio of the horizontal stiffness of the support to its vertical stiffness, the 
behaviour of the structure will approach to that of a dome with yielding substructure as 
described earlier in this section. Accordingly, the favourable effect of a yielding 
substructure on the seismic response of lattice domes can be achieved by means of seismic 
devices such as base isolating devices. Base isolating devices are structural components 
which effectively decouple the structure from its base, which results in a much longer 
natural period and reduces the seismic demand on the structure as a consequence. The 
important effect of relative stiffness of the supports on seismic behaviour of lattice domes 
is an objective in thesis and is fully discussed in the parametric studies in Section 6 of this 
thesis. 
Ogawa and his co-workers adopted a different approach for estimating the equivalent 
static seismic forces for lattice domes. In their proposed method, the equivalent seismic 
forces were derived using the concept of ‘response amplification factors’. According to 
this approach, first the system was approximated with an SDOF (single degree of freedom) 
system. Secondly, maximum responses of the SDOF system to a predefined response 
spectrum were calculated. Accordingly, maximum nodal response accelerations were 
calculated by multiplying the spectral accelerations of the system in both horizontal and 
vertical directions by the amplification factors in these direction. The equivalent static 
seismic loads, both horizontal and vertical, were then estimated by multiplying these 
accelerations by nodal masses. The accuracy of the method has been verified by 
comparing the results with those of a precise response spectrum analysis considering all 
the principal modes with the CQC (complete quadratic combination) combination rule. 
However, the applicability of the method is limited to linear systems and the effects of 
inelastic behaviour on the dynamic response were not included, (Ogawa et al, 2004; 
Ogawa et al, 2007).  
It should be noted that the concept of using equivalent static seismic forces for estimation 
of the ultimate dynamic capacity of a lattice dome in a pushover analysis, conveniently 
conforms to the principles of the modern seismic design philosophy, namely 
‘performance-based’ design philosophy. According to the principals of this philosophy, 
the earthquake design of structures is based on the structural ‘performance’ rather than 
structural ‘strength’, (Priestley, 2000). Therefore, it is necessary to introduce practical 
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criteria to determine possible failure modes of a lattice dome subjected to earthquake 
loading which enables the definition of appropriate performance levels. This important 
aspect is further elaborated in Section 2.5.5.    
2.3.4 Nonlinear Time-History Earthquake Response Analysis 
Nonlinear earthquake response analysis of lattice domes usually requires performing a 
direct time-history dynamic analysis. This is largely due to the specific geometrical 
particulars of lattice domes commonly built in practice, which normally results in a highly 
nonlinear seismic behaviour. Accordingly, in the absence of a comprehensive and code-
based set of recommendations for practical equivalent static seismic load patterns, a set of 
time-history dynamic analyses should be performed to find the earthquake response.  
Also, in the presence of nonlinear structural mechanisms such as energy absorbing devices 
or base-isolation systems, time-history dynamic analysis, considering material and 
geometrical nonlinearities at each step, is normally necessary.  
In this study, geometrically and materially nonlinear time-history analysis has been carried 
out using the finite-element computer package ABAQUS. Nonlinear time-history analysis 
has been used to verify and benchmark the results of the modal pushover analysis which 
is the central analysis method proposed in this thesis. 
2.4 Performance-Based Seismic Design (PBSD) Philosophy 
2.4.1 Introduction 
Design for structural seismic resistance has been undergoing a major reappraisal during 
the past few decades, with the emphasis changing from ‘Strength’ to ‘Performance’.  
The period over which code-based design calculations for structural seismic resistance 
were required dates back to around a century, as reported in Section 2.5.2. For most of 
this period ‘Strength-Based Seismic Design’ (SBSD) methodology had been adopted by 
almost all codes of practice as the governing anti-seismic design philosophy. The Primary 
focus of SBSD approach is to ensure ‘life safety’ by providing adequate ‘strength’, in 
terms of lateral stiffness against earthquake action. Consequently, in SBSD procedures, 
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strength and performance are considered to be synonymous. Also, continued operation of 
a structure and reduction of economic losses were considered as secondary objectives of 
structural design, (Priestley, 2000; Bozorgnia, 2004). 
However, during the last twenty years, there has been a gradual shift from this position 
with the realisation that increasing strength against earthquake loading may not enhance 
safety nor necessarily reduce damage. This realisation was mainly due to unexpected 
earthquake damage to modern structures witnessed during severe earthquakes in the past 
few decades. Several surveys on the aftermath of these earthquakes showed that death toll 
in regions that design and construction of structures were carried out in accordance with 
the current Strength-Based Seismic Design (SBSD) procedures, had been significantly 
low. In this sense, the main intent of the SBSD method, namely ensuring ‘life safety’, had 
been met.  
On the other hand, extensive damage to buildings as well as major structural collapses 
witnessed during these earthquakes, gave rise to huge economic losses and serious social 
crises. In particular, substantial damages experienced during the 1994 Northridge 
earthquake (USA), as described in Section 2.5.2, raised grave concerns among the 
research community and the public sector alike. Numerous total collapses of major 
structures, all believed to be resistant to severe earthquakes, clearly revealed the 
inadequacy of the longstanding SBSD methodology. Moreover, it was noticed that while 
most structures were elastically designed for seismic resistance, most of them experienced 
significant inelastic deformations under large earthquakes.  
Accordingly, an overall re-evaluation of the anti-seismic design approach was initiated, 
which resulted in fundamental changes in the practice of earthquake engineering. The 
main conceptual change involves targeting the seismic ‘performance’ of a structure, rather 
than its ‘strength’, as the main objective of the design. This approach eventually led to the 
development and adoption of the ‘Performance-Based Seismic Design’ (PBSD) 
methodology, (Habibullah, 1998; Chopra et al, 2002; Naeim, 2000). 
PBSD is an attempt to design and construct structures with a predictable seismic 
performance. Performance objectives are expressed in terms of an acceptable level of 
‘damage’ sustained by the structure, and the impacts of this damage on its post-earthquake 
disposition. PBSD is based on the premise that these performance levels can be evaluated 
` 
66 
and quantified with sufficient accuracy. Therefore, PBSD requires ways to trace the actual 
nonlinear response of the structure under prescribed dynamic actions, as well as 
verification of the responses to specific performance (damage) levels. Enabled by 
advancements in computing technology and available test data, today nonlinear step by 
step ‘Response History Analysis’ (RHA) provides a practical means for this purpose. This 
includes the estimate of strength and stiffness deterioration associated with inelastic 
material behaviour and large displacements. However, performing this type of analysis is 
difficult and time-consuming. Also, interpreting the analysis results normally requires 
experts with an in-depth knowledge of nonlinear structural dynamics. As a consequence, 
current structural engineering practice prefers to use ‘Nonlinear Static Analysis’ or 
‘Pushover Analysis’ (PA) for estimation of the nonlinear earthquake response. Several 
proposals in this connection have been put forward, as discussed later in Section 2.3. 
Pushover analysis has the great advantage of estimating the nonlinear response and failure 
mechanisms with much less computational effort, when compared with a rigorous time-
history analysis. Moreover, pushover analysis provides an ideal means for implementation 
of the PBSD procedures, (Hamburger, 1997; FEMA-273, 1997; FEMA-349, 2000; 
Naeim, 2004). 
2.4.2 Principles of Performance-Based Seismic Design (PBSD) 
Seismic resistant design procedures have gone through fundamental changes in the past 
few decades. As mentioned in the previous section, catastrophic collapses and dramatic 
economic losses experienced during recent earthquakes, motivated the research 
community and stakeholders to establish a different seismic resistant design methodology. 
As a consequence, the basis of design for seismic resistance has shifted from ‘strength’ to 
‘performance’ which has resulted in the introduction of Performance-Based Seismic 
Design (PBSD) procedures. 
PBSD is a systematic method to achieve predictable seismic performance of both 
structural and non-structural elements. PBSD explicitly evaluates how a structure is likely 
to perform, given the potential seismic hazard it is likely to experience. As defined by the 
‘Structural Engineers Association of California’ (SEAOC) in their 1994 Vision 2000 
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report, the intent of PBSD is to provide methods for designing, constructing and 
maintaining buildings, such that they are capable of providing predictable performance 
when affected by earthquakes. In this method seismic performance of a structure is judged 
by the amount of damage sustained by the system. Also, the impact of this damage on the 
post-earthquake situation of the structure is considered in the seismic evaluation of the 
structure. 
Conceptually, Performance-based seismic design philosophy emphasises the importance 
of designing ductile structural systems to undergo nonlinear behaviour during earthquake 
events, while sustaining their integrity. Experience shows that most structures normally 
experience significant inelastic deformation under large earthquakes. PBSD recognises 
the economic disadvantages of designing buildings to withstand earthquakes elastically, 
and effectively accounts for a realistic nonlinear seismic response. Accordingly, PBSD 
offers good professional opportunities for producing better facilities more cost effectively. 
Inherently, the PBSD concept implies the definition of a number of target performance 
(damage) levels which are expected not to be exceeded, when the structure is subjected to 
earthquake ground motion of a specified intensity. Each performance level is a statement 
of an acceptable risk of incurring specific levels of damage, and the consequential losses 
that occur as a result of these levels of damage. Losses can be associated with structural 
damage, non-structural damage, or both. Methods for estimating losses and comparing the 
results with the performance objectives form the basis of the PBSD method.  
According to FEMA-273 (1997) and FEMA-356 (2000), performance levels range from 
‘Continued Operation’ to ‘Collapse Prevention’. In the Continued Operation performance 
level, the structure and non-structural elements are expected to remain fully operational 
after resisting the design earthquake. On the other hand, Collapse Prevention performance 
level requires the structure to remain standing, but extensive damage is anticipated. PBSD 
is not limited to multi-storey buildings, and is generally applicable to all structures and 
their supported non-structural elements. Performance-based seismic design provides a 
common basis for design of new structures, evaluation of existing structures and 
prediction of future damage. Therefore, performance-based seismic design enables the 
stakeholders and local communities to determine a suitable performance level within their 
jurisdiction.  
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2.4.3 Damage Control and Performance Levels 
Performance-based seismic design concept requires the definition of a number of target 
performance (damage) levels. Each performance level describes the limiting damage state, 
when the structure is subjected to earthquake loading of a prescribed intensity. Guidelines 
for PBSD of structures have been initiated and developed by the ‘Federal Emergency 
Management Agency, USA’ (FEMA) since 1997. FEMA-273 (1997), provides specific 
definitions for performance targets. Although the principles initiated in the document are 
primarily intended for existing structures, the guidelines may also be used as a basis for 
anti-seismic design of new structures. FEMA-273 had been subsequently updated as 
FEMA-356 in 2000. According to FEMA-356, there are four performance levels are 
defined, as shown in Fig 2.23. 
 
 
Collapse Prevention 
Level 
Life Safety      
  Level 
Immediate Occupancy 
Level 
Continued Operation 
Level 
 
 
 
 
Fig 2.23 Damage control and performance levels, FEMA-356 (2000) 
 
Qualitative descriptions for the performance levels are given by FEMA-356 (2000), which 
are repeated here in Table 2.3. It can be seen that ‘Continued Operation’ (CO) level 
represents a superior seismic performance. In CO level, the structure and its non-structural 
elements, are expected to sustain almost no damage and remain fully operational in 
response to the design earthquake. In ‘Immediate Occupancy’ (IO) performance level the 
structure retains nearly all of its pre-earthquake strength and stiffness. Non-structural 
components are secure, utilities and services would mostly function and the building may 
be used though in an impaired mode. On the other hand, ‘Life Safety’ (LS) level pertains 
to significant damage to structural elements and substantial reduction in stiffness, 
however, with a safe margin against collapse. At LS level, non-structural elements are 
Low Performance 
High Damage 
High Performance 
Low Damage 
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secured but may not function and occupancy may be prevented until repairs are 
implemented. At ‘Collapse Prevention’ (CP) level, extensive structural and nonstructural 
earthquake damage is anticipated and structural strength and stiffness is substantially 
degraded. However, the structure should remain standing. 
 
Table 2.3 Damage Control and Performance Levels of Buildings (FEMA-356, 2000) 
Building Performance Levels 
 
Collapse 
Prevention 
Level 
Life Safety 
Level 
Immediate 
Occupancy Level 
Continued 
Operation 
Level 
Overall 
Damage 
Severe Moderate Light Very Light 
General 
Little residual 
stiffness and 
strength, but load 
bearing columns 
and walls function. 
Large permanent 
drifts. Some exits 
blocked. Infills and 
unbraced parapets 
failed or at 
incipient failure. 
Building is near 
collapse. 
 
Some residual 
strength and 
stiffness left in all 
stories. Gravity-
load-bearing 
elements function. 
No out-of-plane 
failure of walls or 
tipping of parapets. 
Some permanent 
drift. Damage to 
partitions. Building 
may be beyond 
economical repair. 
No permanent drift. 
Structure 
substantially retains 
original strength and 
stiffness. Minor 
cracking of facades, 
partitions, and 
ceilings as well as 
structural elements. 
Elevators can be 
restarted. Fire 
protection operable. 
No permanent 
drift; structure 
substantially 
retains original 
strength and 
stiffness. Minor 
cracking of 
facades, partitions, 
and ceilings as 
well as structural 
elements. All 
systems important 
to normal 
operation are 
functional. 
Non-
structural 
Elements 
Extensive Damage. 
Falling hazards 
mitigated but many 
architectural, 
mechanical, and 
electrical systems 
are damaged. 
Equipment and 
contents are 
generally secure, but 
may not operate due 
to mechanical failure 
or lack of utilities. 
 
Negligible damage 
occurs. Power and 
other utilities are 
available, possibly 
from standby 
sources. 
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2.4.4 Analysis Methods and Acceptance Criteria 
Performance-Based Seismic Design (PBSD) concept requires that seismic performance 
(implying, the state of damage due to a seismic action) of a structural system due to a 
certain ground motion intensity, can be predicted using analytical methods. The evaluation 
of the seismic performance is done by means of dynamic analysis of the system. For this 
purpose, four analysis methods are recommended by the code, namely, linear static 
analysis, linear dynamic analysis, nonlinear static analysis and nonlinear dynamic 
analysis, as described in the next section, (FEMA-356, 2000).  
Analysis results are then compared with the values provided by FEMA-356, namely the 
‘Acceptance Criteria’, at each performance level. Acceptance criteria are actually 
quantitative specifications by which the permissible values for element seismic responses 
are defined at each performance level. These particulars include drift, strength and 
stiffness demands, inelastic deformations and ductility which are used for verification of 
the structural seismic response with the desired performance levels, (FEMA-273, 1997; 
FEMA-356, 2000). 
However, as mentioned in Section 2.2.3, dynamic behaviour and earthquake response of 
spatial structures is substantially different from conventional multi-storey buildings. 
Accordingly, definition of seismic performance levels and acceptance criteria for spatial 
structures require a different approach, in which the performance of non-structural 
elements should receive a special consideration. It should be noted that, so far, specific 
seismic performance levels and acceptance criteria for spatial structures have not been 
investigated properly.  
2.4.4.1 Analysis Methods 
An analysis of a structure should be conducted to determine the forces and deformations 
induced in the elements due to the design ground motion excitation. As recommended by 
FEMA-356 (2000), four distinct analytical procedures can be used in Performance Based 
Seismic Design (PBSD) procedures, as follows:  
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 Linear static analysis,  
 Linear dynamic analysis,  
 Nonlinear static analysis and  
 Nonlinear dynamic analysis.  
 
The linear analyses maintain the traditional use of a linear stress-strain relationship, but 
accounts for the probable nonlinear characteristics of seismic response by means of 
adjustments to overall structural deformations and material acceptance criteria. 
Consequently, the applicability of the linear methods is limited. For example, linear 
analysis cannot be used for structures that have irregular distributions of mass or stiffness, 
irregular geometries, or non-orthogonal lateral force-resisting systems. Furthermore, 
linear methods cannot be used for systems with high nonlinear dynamic behaviour, such 
as structures using seismic isolation and energy dissipation devices. 
The nonlinear dynamic analysis, commonly known as nonlinear Response History 
Analysis (RHA), is the most rigorous method for seismic analysis and may be used for all 
structures. However, this type of analysis is time-consuming, costly and requires 
considerable judgment and experience to perform. As a consequence, during the past few 
decades nonlinear static analysis, often called ‘pushover analysis’, has been considered as 
an alternative for nonlinear earthquake response evaluation.  
Pushover analysis is an approximate analysis method which uses simplified nonlinear 
techniques to estimate seismic structural response. In pushover analysis, the structure is 
subjected to unidirectional, monotonically increasing lateral forces with an invariant 
height-wise distribution.  Under this situation, the structure is successively pushed. During 
each step, properties of the structure are re-evaluated and modified to account for the 
reduced stiffness of yielded members. The process continues until a target displacement 
reaches a certain value, or the structure becomes unstable. Pushover analysis provides 
adequate information on the weak parts of the structure and the sequence and magnitudes 
of yielding under seismic actions, cost-effectively. Accordingly, pushover analysis has 
become a favourite analytical tool for seismic performance evaluation of existing and new 
structures.  
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2.4.4.2 Acceptance Criteria 
According to FEMA-356 (2000), the acceptability of earthquake induced force and 
deformation actions, should be evaluated for each element in accordance with the 
requirements given by the acceptance criteria at each performance level. For this purpose, 
prior to selecting the component acceptance criteria, structural elements are classified as 
‘primary’ or ‘secondary’.  
Primary elements are actually the elements that participate in the seismic resistance of the 
structure against collapse in any direction. In fact, primary elements effectively contribute 
to the structure’s overall stiffness, mass, damping, and consequently to its response to 
earthquake ground motion. 
In a typical structure nearly all elements, including many non-structural elements, will 
contribute to the structure’s resistance against earthquake excitation. However, not all of 
the elements are critical to the ability of the structure to resist collapse when subjected to 
strong ground shaking. The ‘secondary’ designation is typically used by the code when an 
element does not contribute significantly or reliably in resisting earthquake effects 
because of low lateral stiffness, strength, or deformation capacity. For example, exterior 
cladding and interior partitions can add some initial stiffness to a structure, yet this 
stiffness is not typically considered in the design of new structures because the lateral 
strength of these elements is often small. Similarly, the interaction of floor framing 
systems and columns in shear wall structures can add some stiffness, although designers 
normally neglect such stiffness when proportioning the structure’s shear walls. 
The concept of primary and secondary elements permits the engineer to differentiate 
between the performance required of elements that are critical to the structure’s ability to 
resist collapse and of those that are not critical. For a given performance level, acceptance 
criteria for primary elements will typically be more restrictive than those for secondary 
elements. Use of the secondary classification will allow certain elements to experience 
greater damage and larger displacements than would otherwise be permitted for primary 
elements. 
The Code further categorises the elements in relation to the actions they sustain during 
seismic excitation. In this respect, the actions are classified as either ‘deformation-
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controlled’ or ‘force-controlled’. This classification is based on the element’s ductility and 
its capacity for developing plastic regions under earthquake induced actions. For this 
purpose, three response behaviour graphs, in terms of action-deformation curves, are 
introduced by FEMA-356 (2000), as illustrated in Fig 2.24. 
 
 
Fig 2.24 Force versus deformation curves, (FEMA-356, 2000) 
 
The Type 1 curve depicted in Fig 2.23 is representative of ductile behaviour where there 
is an elastic range (point 0 to point 1 on the curve) followed by a plastic range (points 1 
to 3) with non-negligible residual strength and ability to support gravity loads at point 3. 
The plastic range includes a strain hardening range (points 1 to 2) and a strength-degraded 
range (points 2 to 3). Actions on primary elements exhibiting this behaviour shall be 
classified as deformation-controlled if the strain-hardening or strain softening range is 
such that e > 2g referring to g and e on horizontal axis of the left diagram of Fig 2.23; 
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otherwise, they shall be classified as force-controlled. Secondary element actions 
exhibiting Type 1 behaviour shall be classified as deformation-controlled for any e/g ratio. 
The Type 2 curve depicted in Fig 2.23 is representative of ductile behaviour where there 
is an elastic range (point 0 to point 1 on the curve) and a plastic range (points 1 to 2) 
followed by loss of strength and loss of ability to support gravity loads beyond point 2. 
Primary and secondary element actions exhibiting this type of behaviour shall be classified 
as deformation-controlled if the plastic range is such that e> 2g; otherwise the action shall 
be classified as force-controlled.  
The Type 3 curve depicted in Fig 2.23 is representative of a brittle or non-ductile 
behaviour where there is an elastic range (point 0 to point 1 on the curve) followed by loss 
of strength and loss of ability to support gravity loads beyond point 1. Primary and 
secondary element actions displaying Type 3 behaviour shall be classified as force-
controlled 
Acceptance criteria for primary elements that exhibit Type 1 behaviour can be within the 
elastic or plastic ranges between points 0 and 2, depending on the performance level. 
Acceptance criteria for secondary elements that exhibit Type 1 behaviour can be within 
any of the performance ranges. Acceptance criteria for primary and secondary elements 
exhibiting Type 2 behaviour will be within the elastic or plastic ranges, depending on the 
performance level. Acceptance criteria for primary and secondary elements exhibiting 
Type 3 behaviour will always be within the elastic range. 
A given element may have a combination of both force-controlled and deformation-
controlled actions. For example, bending moment actions in a beam element are normally 
deformation-controlled actions, whereas shear actions are usually considered as force-
controlled. Table 2.4 shows examples of some deformation-controlled and force-
controlled actions in common structural steel elements. Classifications for force or 
deformation-controlled actions for foundation and different types of framing elements are 
specified in Chapters 4 through 8 of FEMA-356.  
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Table 2.4 Examples of types of action (FEMA-356, 2000) 
Description of the action 
Deformation 
controlled 
Force 
controlled  
Structural steel beams under flexural actions with 
negligible axial force. 
  
Flexural behaviour of steel columns under combined axial 
compression and bending, where the axial column load is 
less than 50% of the axial column strength. 
  
Flexural loading of columns, with axial loads at the target 
displacement greater than or equal to 50% of the axial 
column strength. 
  
Compressive behaviour of steel columns under combined 
axial compression and bending, where the axial column 
load is more than 50% of the axial column strength.  
  
Steel columns under axial tension.   
Columns where the axial column load is more than 50% of 
the axial column strength. 
  
Shear behaviour in steel plate shear walls.    
Axial tension and compression in braces.    
Compression, tension, shear, and bending actions on brace 
connections including gusset plates, bolts, welds, and other 
connectors.  
  
 
Once the classification of structural members and element actions is done, the appropriate 
acceptance criteria can be chosen, using the guidelines given by the code. Table 5-5 of 
FEMA-356 (2000), repeated here as Table 2.5, represents an example for acceptance 
criteria for linear procedures for steel beams in flexure. 
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Table 2.5 Example of acceptance criteria for flexure in steel beams, (FEMA-356, 2000) 
Element/Action 
m-factors for Linear Procedures  
IO 
Primary Secondary 
LS CP LS CP 
a. 
𝑏𝑓
2𝑡𝑓
≤
52
√𝐹𝑦𝑒
 
      and 
ℎ
𝑡𝑤
≤
418
√𝐹𝑦𝑒
 
2 6 8 10 12 
b. 
𝑏𝑓
2𝑡𝑓
≥
65
√𝐹𝑦𝑒
 
      and 
ℎ
𝑡𝑤
≥
640
√𝐹𝑦𝑒
 
1.25 2 3 3 4 
c.   
Conditions other 
than a and b 
Linear interpolation between the values on rows a and b for both flange 
slenderness (first term) and web slenderness (second term) shall be 
performed, and the lowest resulting value shall be used. 
 
The parameters used in the table are as follows: 
 
 
𝑏𝑓  Width of the compression flange, 
𝑡𝑓  Flange thickness, 
𝑡𝑤  Web thickness, 
𝐹𝑦𝑒 Expected yield strength determined in accordance with Section 5.3.2.3 of the code 
and 
ℎ  Distance from inside of compression flange to inside of tension flange. 
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The m-factors given in Table 2.5, are used when linear procedures are employed. 
According to the code, when linear procedures are used capacities for deformation-
controlled actions shall be defined as the product of m-factors and expected strengths of 
the elements. The code considers hot-rolled steel sections, cold-formed steel sections and 
built-up members from hot-rolled or cold-formed plates and sections for beams. Built-up 
members can be assembled by riveting, bolting, or welding. 
2.5 Specifications for Seismic Design and Construction of 
Spatial Structures 
2.5.1 General Remarks 
Although code-based structural design against earthquake loading dates back to more than 
a century, definition of a specific code of practice for seismic design of spatial structures 
is quite recent. So far, China and Iran are the only countries that have issued a specific 
code of practice for design and construction for spatial structures. The first Chinese code 
of practice for seismic design of spatial structures in China was published in 1981, (JGJ 
7-80). The latest edition of the Chinese code of practice for spatial structures was issued 
in 2003 by the China Ministry of Construction, (JGJ 61-2003). However, this document 
has not yet been translated and is only available in Chinese.  
Iranian code of practice for design and construction of spatial structures has been 
developed during the last decade. The document, known as the ‘Iranian Code of Practice 
for Skeletal Steel Spatial Structures’, Code No. 400, was issued in 2010.  
In the following parts of this section, first the historic events which have led to the 
evolution of seismic design codes of practice are briefly reviewed. This is followed by an 
overview on the basic concepts and approaches of Chinese and Iranian codes of practice 
for design and construction of spatial structures. Finally, a state-of-the-art of the 
specification of performance levels for spatial structures is given in Section 2.5.5. 
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2.5.2 Evolution of Seismic Design Codes of Practice  
It is difficult to establish a precise date when the practice of earthquake resistant design 
started. Historically, as indicated by several authors, (Housner, 1984; Hodson, 1992; 
Elnashai, 2002). Interest in earthquake engineering began at the end of the 19th century 
when some European engineers suggested designing structures against earthquake using 
a few percent of the weight of the structure as horizontal loading. This idea forms the basis 
of the ‘Equivalent Static Seismic Design’ (ESSD) concept, which still is an important 
concept adopted by all major anti-seismic codes of practice. However, professional 
practice of earthquake engineering began in early 20th century as a consequence of two 
devastating earthquakes; namely, 1906 San Francisco (USA) and 1908 Messina (Italy) 
earthquakes. According to Geschwind (1996), although engineers learned explicit lessons 
from the 1906 earthquake, these lessons did not lead to the awareness of the need for more 
earthquake resistant design and construction. Instead, many engineers referred to the need 
for greater fire prevention and for the use of reinforced concrete as a building material.  
Two years later, on 28th of December 1908, a large earthquake (magnitude 7.5) devastated 
the city of Messina (Italy) with a loss of nearly 120,000 lives. A special commission was 
formed by the Italian government to investigate the earthquake and to provide 
recommendations. According to Housner (1984), this earthquake was responsible for the 
birth of practical earthquake design of structures, and the commission’s report appears to 
have been the first engineering recommendation for earthquake resistant design by means 
of the Equivalent Static Seismic Design (ESSD) method. Gradually, ESSD was used in 
earthquake prone countries around the world and was later widely adopted by building 
codes. For example, in the late 1920s, the method was applied by Professor Martel of the 
California Institute of Technology (CalTech) in the design of a twelve storey steel frame 
building in Los Angeles, (Bozorgnia, 2004). 
Earthquake resistant design also received considerable attention following the 1925 Santa 
Barbara and 1933 Long Beach earthquakes in California, USA. Widespread destruction 
and massive structural failures witnessed during these landmark earthquakes, caused 
much motivation among academics, engineers, architects and organisations. As a 
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consequence, in 1927, the Pacific Coast Building Officials Conference adopted the 
Uniform Building Code (UBC).  
Long Beach earthquake also resulted in two California State laws, namely, (a) the Field 
Act, which authorised the California State Division of Architecture to approve or review 
all public school plans and specifications and to perform general supervision of the 
construction work; and (b) the Riley Act, which made provisions for earthquake resistant 
design and construction for more general applications than the Field Act, (Housner, 1984; 
Hodson, 1992; Elnashai, 2002).  
The practice of earthquake resistant design advanced continuously until the 1994 
Northridge earthquake shook the metropolitan area of Los Angeles, USA. This magnitude 
6.8 earthquake, caused extensive damage to structural systems. The extent of damage 
witnessed during this earthquake, especially in a region believed to be well prepared for 
seismic events, shocked the earthquake engineering community.  
Widespread damage and numerous collapses of highway bridges, parking structures and 
public facilities, resulted in huge economic losses. In fact, with damages estimated at more 
than twenty billion dollars, 1994 Northridge earthquake is the costliest earthquake in 
United States history. The aftermath of this landmark earthquake, revealed the 
shortcomings of the longstanding ‘Strength-based Seismic Design’ (SBSD) approach, and 
emphasised the need to develop new specifications for anti-seismic design of structures. 
As a consequence, the international earthquake engineering community was mobilised in 
an effort to respond to this need. This gave result to the acceptance of ‘Performance-based 
Seismic Design’ (PBSD) philosophy as the principal methodology for seismic resistant 
design, as described in Section 2.4.2, (Naeim, 2000; Naeim, 2004). 
Fig 2.25 shows some examples of major structural failures witnessed during the 1994 
Northridge earthquake, (Gates et al, 1995; Technical report SAC 95-04, 1995). 
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(a) Damage to Interstate Highway No. 5, CA  
 
(b) Collapse of a parking structure, Northridge, CA  
 
(c) Collapse of the Kaiser Permanente Hospital in Granada Hills, CA 
Fig 2.25 Examples of the collapse of public structures during 1994 Northridge earthquake  
(USGS Fact Sheet 110–99, 2002; (FHWA) Public Road Magazine Vol. 58, 1995 ) 
 
The following, Table 2.6 lists an international chronology of important events which 
contributed to the evolution of the seismic code of practice, (Reitherman, 2004). 
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Table 2.6 - International chronology of selected events effecting seismic code evolution, 
(Reitherman, 2004) 
Year-Location Event 
1906-USA 
 
 
San Francisco building code sets 30 lb/ft2 (1400 Pa) as surrogate design seismic design 
load for taller steel frame buildings but reduces it back to 30 lb/ft2  in 1909, and effective 
seismic code regulations fail to result from the 1906 San Francisco earthquake 
 
1909-Italy April 18, 1909,  first seismic building code with engineering calculation provision; 
equivalent static lateral force=1/12 weight above for the ground floor storey and 1/8 for 
the second storey 
 
1924-Japan Urban Building Law Enforcement Regulation revised after the 1925 Kanto earthquake to 
include seismic requirements, 0.1 seismic coefficient at each level; first seismic code in 
Japan and for large urban area of any country 
 
1927-USA First edition of the Uniform Building Code (UBC), containing optional provisions, basic 
seismic coefficient of 7.5% of weight above at each floor or roof level, increased for soft 
soil; significant live load included in seismic calculations 
 
1930-Italy Building code for selected areas, after the 1930 Ariano earthquake, sets two-storey height 
limit 
 
1933-USA Field and Riley Acts in California enacted after 1933 Long Beach earthquake; state wide 
seismic regulations for most building other than houses; significant live load included in 
seismic calculations 
 
1935-New Zealand First seismic code in New Zealand after 1931 Hawke’s earthquake; 8% of weight above 
seismic design force, 10% for public buildings  
1935-India First seismic regulations in India, in Quetta (now Pakistan) region, after 1931 and 1935 
Quetta earthquakes 
 
1935-USA Board of underwriters of the Pacific model seismic code, force factors for portions of  
structures (e.g. parapets): uniform 10% seismic coefficient up the height of the building 
 
1939-Chile General Code of Construction, after 1939 Chillan earthquake, institutionalised seismic 
regulation in Chile 
1940-Turkey Erzincan earthquake leads to the provisional construction requirements in earthquake 
regions 
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Table 2.6 - International chronology of selected events effecting seismic code evolution 
(continued) 
 
Year-Location Event 
1941-USSR First Soviet seismic code 
 
1943-USA Las Angels code adjusted base shear downward with height (associating a longer period 
with greater number of stories and lesser response) 
 
1948-Japan Japanese Engineering Standard JES-3001 doubled allowable stress, forces increased at 
upper levels of taller buildings 
 
1949-USA Uniform Building Code uses inverted triangle distribution of lateral forces; half the live 
load no longer included in participating mass 
 
1952.USA ASCE-SEONC recommendations (Separate 66) relate base shear to estimated period of 
structure 
 
1955-China First seismic map in China 
  
1957-USSR Standards and regulations for Building in Seismic Regions, response spectrum basis for 
design forces 
 
1959-USA First SEAOC Blue Book (Recommended Lateral Force Requirements) 
 
1959-China First seismic code drafted, not yet adopted, based on response spectra 
 
1962.India IS 1893, Indian Standard Recommendations for Earthquake resistant design of structures, 
first standardised nationwide seismic provisions in the Indian code 
 
1965-New Zealand NZSS 1900, New Zealand Standard Model Building Bylaw revised with a base shear 
distributed in an inverted triangular pattern, response spectrum used to set base shears, 
general but not specific ductility requirements 
 
1967-USA Uniform Building Code adds ductile reinforcement concrete provisions 
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Table 2.6 - International chronology of selected events effecting seismic code evolution 
(continued) 
 
Year-Location Event 
1974-Italy Technical rules for Constructions in Seismic Zones, including response spectrum and 
inelasticity considerations 
 
1974-China 11-74, first adopted national seismic code in China 
 
1974-USA SEOC Blue Book adds Z factor, differentiating two seismic zones within California 
 
1982.USSR Basic Norms and Rules for Civil and Structural Engineering, elastic basis with reduction 
of actual forecast ground-motion severity 
 
1984-India IS 1893, Indian Standard Criteria for Earthquake Resistant Design of Structures, last 
major code revision till 2002 
 
1985-USA First edition of NEHRP Provisions, a protocoled consensus-based national document 
 
1988-USA Uniform Building Code adopts R factor (on allowable stress basis), configuration of 
irregularities defined 
 
1989-China Incorporation of three performance levels in the code, each with its own probability of 
shaking 
 
1991-Europe EuroCode 1, beginning of unification of European building codes, seismic requirements 
follow incrementally 
 
1997-USA Uniform Building Code and contemporary NEHRP Provisions edition become similar, 
Uniform Building Code adds near-fault ground-motion factor 
 
1998-Europe EuroCode 8 devoted to Design of Structures for Earthquake Resistance 
 
2000-USA Three model code organisations merge and publish International Building Code (IBC) 
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2.5.3 Chinese Code of Practice for Spatial Structures 
The first Chinese specification for design and construction of spatial structures was issued 
in 1981 (JGJ 7-80). However, this document by no means can be considered as 
comprehensive, because some important aspects in relation to static and dynamic analysis 
and design of spatial structures have been disregarded. These aspects can be summarised 
as follows: 
 
 Inelastic behaviour of space structures under both static and dynamic loading has 
not been considered, 
 Design and construction of long span spatial structures with a span of exceeding 
120 metre has not been considered, 
  Effects of temperature in the design and construction of space structures was not 
taken into account,  
 Design and construction of some important types of space structures such as barrel 
vaults and domes were not included  and 
 Specific aspects relating to dynamic behaviour of space structures such as special 
considerations for design of the supports, effect of multi-dimensional excitation 
and incorporation of seismic devices such as base-isolating systems and dampers 
have not been considered. 
It should be noted, that the latest version of the Chinese specification for design and 
construction for spatial structures was issued in 2003, (JGJ 61, 2003). However, this 
document is in Chinese and has not yet been translated. Therefore, so far the possible 
amendments of the shortcomings of JGJ 7-80, as mentioned above, could not be verified 
in this thesis. 
According to the Chinese code, linear seismic response of spatial structures can be 
evaluated by means of response spectrum method using the spectrum depicted in Fig 2.26. 
In this spectrum α is the ‘horizontal seismic effect coefficient’ which depends on the 
seismicity of the region and the soil type. The ‘vertical seismic effect coefficient’ is taken 
as 2/3 of this value. Accordingly, several spectra can be drawn for different sites with 
varying soil type and seismicity.  
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Fig 2.26 The horizontal seismic effect coefficient, (Yigang et al, 2000) 
Maximum values of horizontal seismic effect coefficient (α) and characteristic period 
values are listed in Table 2.7. In this Table the earthquake fortification intensity 
(abbreviated as ‘intensity’) of 6, 7, 8 and 9 are equivalent to earthquake accelerations of 
0.0175g, 0.035g, 0.07g and 0.14g, respectively. The site soil is classified in 4 types where 
types I, II, III and IV, respectively, represent stiff, medium-stiff, medium soft and soft 
soils, (Yigang  et al, 2000). 
 
Table. 2.7 Maximum values of horizontal seismic effect coefficient, (Yigang et al, 2000) 
Intensity 6 7 8 9 
αmax 0.04 0.08 0.16 0.32 
Site Soil I II III IV 
Tg(s) 0.20 0.30 0.40 0.65 
 
Response spectrum analysis is recommended by Chinese code for linear seismic response 
of spatial structures. The seismic action applied to the ith node of a structure corresponding 
to the jth mode may be determined by the following equations: 
𝐹𝑥𝑗𝑖 = 𝛼𝑗𝛾𝑗𝑋𝑗𝑖𝐺𝑖                    𝛾𝑗 =
∑ 𝑋𝑗𝑖𝐺𝑖
∑(𝑋2
𝑗𝑖
+ 𝑌2𝑗𝑖 + 𝑍2𝑗𝑖)𝐺𝑖
⁄   (2.33) 
𝐹𝑦𝑗𝑖 = 𝛼𝑗𝛾𝑗𝑌𝑗𝑖𝐺𝑖                    𝛾𝑗 =
∑ 𝑌𝑗𝑖𝐺𝑖
∑(𝑋2
𝑗𝑖
+ 𝑌2𝑗𝑖 + 𝑍2𝑗𝑖)𝐺𝑖
⁄   (2.34) 
𝐹𝑧𝑗𝑖 = 𝛼𝑗𝛾𝑗𝑍𝑗𝑖𝐺𝑖                    𝛾𝑗 =
∑ 𝑍𝑗𝑖𝐺𝑖
∑(𝑋2
𝑗𝑖
+ 𝑌2𝑗𝑖 + 𝑍2𝑗𝑖)𝐺𝑖
⁄   (2.35) 
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Where: 
 
𝐹𝑥𝑗𝑖        is the value of seismic action applied to the i
th node corresponding to the  
    jth mode in x direction, 
𝐹𝑦𝑗𝑖        is the value of seismic action applied to the i
th node corresponding to the  
    jth mode in y direction,            
𝐹𝑧𝑗𝑖        is the value of seismic action applied to the i
th node corresponding to the  
    jth mode in z direction,         
𝛼𝑗          is the seismic effect coefficient of j
th mode,               
𝐺𝑖           is the equivalent load concentrated at the i
th node (dead plus 1/2 live load),                                                                                                                                                                       
𝑋𝑗𝑖    is the relative displacement of i
th node corresponding to the jth mode in x 
   direction,      
𝑌𝑗𝑖    is the relative displacement of i
th node corresponding to the jth mode in y 
   Direction and  
𝑍𝑗𝑖    is the relative displacement of i
th node corresponding to the jth mode in z 
   Direction.  
 
Once structural responses corresponding to each vibration mode is obtained, the code 
recommends the SRSS (Square Root of the Sum of the Squares) method for calculating 
the total response, as given below. The SRSS method is described in Section 2.1.5.3.b. 
 
𝑁𝑘 = ∑ 𝑁
2
𝑘𝑗          (2.36) 
 
Where: 
 
𝑁𝑘          is the seismic force of k
th member and 
𝑁𝑘𝑗        is the seismic force of k
th member of jth mode. 
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According to the Chinese Code, in regions with earthquake intensity grade of 6 and 7, the  
vertical effect of earthquake excitation on a spatial structure is not required.  However, in 
regions with earthquake intensity grade of 8 and 9 the vertical effect of earthquake should 
be taken into account.  The code proposes two practical methods for calculating the 
earthquake induced vertical seismic action acting on a spatial structure, as described in the 
fallowing section, (Wilson, 1995; Murata et al, 1997; Kunida, 1997). 
2.5.3.1 Seismic Action Coefficient Method 
In this method, vertical seismic action is estimated as the product of the concentrated nodal 
gravity loads and a coefficient, namely the seismic action coefficient, which depends on 
seismic intensity and the type of site soil. Accordingly, vertical seismic action of ith node 
of a spatial structure is given by the following formula:  
𝐹𝐸𝑣𝑘𝑖 = −𝛹𝑉𝐺𝑖         (2.37) 
Where: 
𝐺𝑖           is the equivalent load concentrated at the i
th node (dead plus 1/2 live load),                              
𝐹𝐸𝑣𝑘𝑖     is the Seismic action acting on the i
th node and  
𝛹𝑉      is the Seismic action coefficient taken from Table  2.8. 
  
Table 2.8 Seismic action coefficient, (Yigang et al, 2000) 
Intensity 
Site Soil 
I II III, IV 
8 - 0.08 0.1 
9 0.15 0.15 0.20 
2.5.3.2 Seismic Force Coefficient Method 
According to the Chinese code, this method can only be used for spatial structures with 
rectangular plan supported along the perimeter. In these structures, earthquake induced 
vertical actions is estimated by means of a seismic force coefficient. This coefficient is 
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defined as the ratio between the force in kth member due to vertical earthquake and its 
static load as given below: 
 
𝑁𝐸𝑣𝑘 = −𝜉𝐾|𝑁𝐺𝑘|          (2.38) 
 
Where: 
 
𝑁𝐸𝑣𝑘       is the force in k
th member due to vertical earthquake,      
|𝑁𝐺𝑘|     is the force in k
th member due to static load and  
𝜉𝐾      is the seismic force coefficient. 
 
According to the code, the seismic force coefficient 𝜉𝐾  depends on the fundamental 
frequency of the structure as well as the seismicity of the site. Detailed instructions for 
calculating the seismic force coefficient is given in the code, (Yigang et al, 2000). 
2.5.4 Iranian Code of Practice for Spatial Structures 
2.5.4.1 General Remarks 
The Iranian first technical specification for design and construction of spatial structures 
was issued in 2010. This document, entitled as ‘Iranian Code of Practice for Skeletal Steel 
Space Structures’ or Code No. 400  2010, is a comprehensive code of practice which has 
been developed during the last 10 years under the supervision of Professor Hoshyar 
Nooshin2. 
 
Code No. 400 covers many aspects in relation to the design and construction of spatial 
structures, including: 
 
                                                 
2 Faculty of Engineering and Physical Sciences, University of Surrey, Guildford, Surrey, U.K. 
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 Introduction of different types of spatial structures and their specific geometrical 
particulars, 
 Configuration processing techniques for different types of spatial structures, 
 Recommendations for calculation of different types of loading commonly 
encountered in analysis and design of spatial structures including, dead and 
gravitational load, live load, wind load, snow load, earthquake load, temperature 
load and construction load, 
 Recommendations for choosing appropriate analysis method for calculating the 
internal forces and displacements within the structure, including static and 
dynamic analysis both linear and nonlinear, stability analysis and progressive 
collapse analysis, 
 Introducing different types of connection systems for spatial structures commonly 
used in practice and 
 Guidelines for construction assembly and erection of spatial structures. 
 
Seismic design of spatial structures is based on the ‘Performance-Based Seismic Design’ 
(PBSD) philosophy, as described in Section 2.4.2. Three seismic performance levels for 
spatial structures are defined, as given below: 
 
 Seismic performance Level 1: Continued Operation of the spatial structure is 
intended. The structure should remain fully operational after the earthquake. 
 Seismic performance Level 2: Life Safety of the spatial structure is intended. The 
damage is limited such that the serviceability of the structure can be restored in a 
relatively short time. 
 Seismic performance Level 3: Collapse prevention of the structure is intended. 
Substantial damage is anticipated and structural repair may not be economic. 
However, the structure and its non-structural components should remain standing.  
 
For each of these performance levels ‘safety limits’, ‘serviceability limits’ and 
‘restorability limits’, anticipated within each level, are defined as given in Table 2.9. 
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Table 2.9 Performance levels for Spatial Structures, (Code No. 400, 2010) 
Seismic Performance Levels Safety Serviceability 
restorability 
Short Term Long Term 
Performance Level 1 
Life safety and 
safety against 
collapse. 
Serviceability 
level as before the 
earthquake. 
No need for 
repairs to 
maintaining the 
serviceability of 
the structure. 
Usually requires 
minor repairs and 
supervision. 
Performance Level 2 
Life safety and 
safety against 
collapse. 
Limited 
serviceability, 
possibility of 
restoring the 
serviceability in a 
relatively short 
time. 
With limited 
retrofitting, 
restoring the 
serviceability of 
the structure is 
possible. 
Permanent 
retrofitting of the 
structure can be 
carried out without 
any significant 
problems. 
Performance Level 3 
Life safety and 
safety against 
collapse. 
Restoring the 
serviceability of 
the structure is not 
anticipated. 
Requires technical 
and financial 
investigation for 
making decision 
regarding the 
seismic 
retrofitting of the 
structure in short 
term.  
Requires technical 
and financial 
investigation for 
making decision 
regarding the 
seismic retrofitting 
of the structure in 
long term. 
 
Code No. 400 (2010), recommends two earthquake hazard levels for seismic design of 
spatial structures, namely: 
 Level 1 earthquake hazard: Implies a ground motion which is expected to be 
experienced during the working life of the structure. This ground motion is 
equivalent to an earthquake with a return period of about 72 years or ground 
motion that occurs with a probability of 50% or more in 50 years. 
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 Level 2 earthquake hazard: Implies a severe and devastating earthquake which 
may occur scarcely during the working life of the structure. This ground motion is 
equivalent to an earthquake with a return period of about 475 years or a ground 
motion that occurs with a probability of 10% or more in 50 years. 
The Code also provides guidelines for selecting appropriate performance levels and 
earthquake hazard levels for seismic design of spatial structures, in accordance to the 
importance of the structure, as given in Table 2.10. 
 
Table 2.10 Guideline for selection of performance level for Spatial Structures,  
Iranian code of practice, (Code No. 400, 2010) 
 Conventional spatial structure Important spatial structure 
Level 1 Earthquake hazard Seismic performance level 2 Seismic performance level 1 
Level 2 Earthquake hazard Seismic performance level 3 Seismic performance level 2 
 
So far only the first revision of Code No. 400, has been published and its shortcomings 
should be revised and amended. Particularly, regarding the problem of seismic design of 
spatial structures, the code does not provide quantitative measures for distinguishing 
performance levels and earthquake hazard levels. Currently the Code No. 400 states that 
decisions about adopting an appropriate performance levels and earthquake hazard levels 
should be taken by designers and stake holders, regarding the specific situation of the 
spatial structure under consideration, which should be replaced with quantitative 
references for practical purposes.  
It should be noted, however, that currently few works regarding the definition of specific 
seismic performance levels for spatial structures has been carried out. To the best of 
knowledge of the author, the only published work in this relation has been carried out by 
Tatemichi and Kato et al (2005), which is given in the next section. 
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2.5.5 Current Specification for Performance Levels of Spatial Structures 
2.5.5.1 Introduction 
Spatial structures have shown a promising seismic response during severe earthquakes, as 
reported by Kawaguchi (1997) and Saka et al (1997). Moreover, due to their large space 
capacity, in many cases, spatial structures are used to provide emergency refuge shelters. 
However, it has been noticed that although the structural integrity of spatial structures, 
subjected to strong ground motion normally remains intact, damage by falling of non-
structural elements and facilities could be crucial and may mar the function of spatial 
structures as refuge shelters.  
For instance, according to Tatemichi and Kato et al (2005), in the Hyogoken-Nanbu 
(Kobe) earthquake in Japan about 50% of the gymnasiums existing in that area could not 
be used as refuge shelters because of damage by non-structural elements such as false 
ceilings, suspended ceilings, suspended facilities, lighting and heavy acoustic instruments. 
A similar situation was witnessed during the 2001 Geiyo, 2003 Miyagiken-Oki and 
Tokachi-Oki earthquakes, all in Japan, where despite minor structural damages, a large 
number of spatial structures in the hit area could not be used due to damage by non-
structural elements. 
Accordingly, in order to define seismic performance targets for spatial structures, it is 
necessary to address their specific states of damage including the damage by the non-
structural elements as described above. Seismic performance targets for a structure depend 
on the anticipated functions of the structure both during and after an earthquake with a 
prescribed intensity. Therefore, it is necessary to identify these functions for a spatial 
structure.  
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For this purpose, answers to the following questions could be used as guidance: 
 Do a large number of people use the structure? 
 How frequent is the structure used by people? 
 Does the structure contain valuable items? 
 Can the structure be used as a public shelter in the case of a strong earthquake? 
 Does the structure have any cultural or municipal values which should be 
preserved? 
 
In an attempt to respond to these questions, a state-of-the-art of performance levels and 
acceptance criteria of spatial structures is presented in the sequel. 
2.5.5.2 A Literature Review on Performance Levels of Spatial Structures 
Regarding the concept of seismic performance, terms such as ‘serviceability limit’, 
‘restorability limit’ and ‘ultimate limit’ are frequently used by codes of practice. It is 
difficult, however, to define the seismic performance of spatial structure with a single 
term. Spatial structures may have different structural particulars in horizontal and vertical 
directions and may have various applications as a public facility. Moreover, different parts 
of a spatial structure (namely, roof, substructure and non-structural elements) may behave 
differently during an earthquake. Accordingly, the terminology used for defining 
performance levels for multi-storey building structures is not appropriate for spatial 
structures, and new terms should be used for this purpose. Table 2.11 shows the 
terminology proposed by Tatemichi and Kato et al (2005), for a gymnasium. It can be 
seen that three different seismic performance levels have been considered. Moreover, 
different performance levels for each part of the structure have been considered. In seismic 
design of spatial structures, it is common practice to assume ‘design earthquakes’ which 
are ground motions with predefined intensities. Accordingly, the damage prediction and 
disaster prevention plans are made based on seismic performance in accordance to the 
assumed scenario earthquake. Various levels of ground motion are encountered during the 
design working life of a structure. In describing a ground motion level, important aspects 
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such as ‘probability of occurrence during the design working life’ of the structure and 
‘return period of the design earthquake’ should be considered. 
Accordingly, decisions must be made as to which of the seismic performance levels of 
Table 2.11 should be maintained against different ground motion levels. Table 2.12, 
proposed by Tatemichi and Kato et al (2005), provides a guideline for defining appropriate 
performance level for a gymnasium with regard to a desired seismic performance and 
ground motion level. It can be seen that different levels can be chosen for different 
gymnasiums. Moreover, in huge spatial structures, such as stadiums, different 
performance levels can be adopted for each portion of the structure. In such cases the 
concept of ‘zoning’ is appropriate. 
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Table 2.11 Performance levels for a gymnasium, (Tatemichi and Kato et al, 2005)  
 Performance Level 1 Performance Level 2 Performance Level 3 
General 
After earthquake, the 
gymnasium can be used for 
regular educational 
activities without 
monitoring or restriction. If 
necessary, the gymnasium 
can be used as a refuge 
facility. 
Human lives are not lost by 
structural collapse or falling of 
structural and non-structural 
elements during earthquake. 
The gymnasium cannot be 
used for regular educational 
activities immediately after 
earthquake but can be used as 
a safe refuge facility against 
aftershocks with minor repairs. 
After simple repairs, the 
gymnasium can be used for 
regular educational activities. 
Human lives are not lost 
by structural collapse or 
falling of structural 
elements and non-
structural elements during 
earthquake. However, the 
structure remains off limits 
after earthquake and 
cannot be used as either a 
gymnasium or refuge 
facility. The structure may 
collapse during 
aftershocks. Future 
restoration of the structure 
cannot be expected. 
Roof 
Structure 
Undamaged. 
Not much deformation 
remains in the entire roof 
structure. The structure is 
durable against aftershocks. 
Some members of the roof 
structure may be damaged, 
and residual deformations 
occur. There is no falling 
of the entire roof or 
structural members. 
Substructure Undamaged. Ditto. 
Structural members may 
be severely damaged, but 
the substructure does not 
collapse and maintains its 
bearing capacity to sustain 
the roof structure. 
Non-
structural 
elements 
Undamaged. 
Some parts incur minor 
damage, but the function is not 
lost. There is no need for 
repair in view of safety and 
functionality. Otherwise, 
safety can be ensured with 
minor repairs. 
Substantial damage occurs 
during earthquake but 
there is no falling or 
flaking that incurs human 
injury or death. There is no 
problem in evacuation 
from the gymnasium 
during earthquake. 
 
Table 2.12 Guideline for selection of performance level for a gymnasium,  
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(Kato et al, 2005) 
 
 Seismic performance 
Ground motion level Level 1 Level 2 Level 3 
Ground motion assessed as being experienced several times during 
the design working life of the structure. (ground motion with a 
return period of about 72 years or ground motion that occurs with a 
probability of 50% or more in 50 years) 
   
Great earthquakes that may occur scarcely. (ground motion with a 
return period of about 475 years or ground motion that occurs with 
a probability of 10% or more in 50 years) 
   
Great earthquakes that may occur very scarcely. (ground motion 
with a return period of about 970 years or ground motion that 
occurs with a probability of 10% or more in 100 years) 
   
 
 
 
      : School gymnasiums, public halls, and other facilities that are expected to be used as refuge shelters. 
      : Commercial gymnasiums and other facilities that can accommodate large number of people, but their 
function as refuge shelter is secondary. 
      : Companies, warehouse and other facilities that do not accommodate people regularly and are not 
expected to be used as refuge shelters. 
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    CHAPTER 3                  
METHODOLOGY 
3.1 General Remarks 
Lattice domes exhibit a highly nonlinear behaviour against severe earthquake loading. 
Dynamic response of lattice domes is greatly influenced by anti-symmetric vibration 
modes where under horizontal dynamic excitation both horizontal and vertical 
displacements are simultaneously stimulated, as illustrated in Fig 3.1.  
 
 
(a) Cross-section  
 
      
            
                  (b) Perspective View 
Fig 3.1 An example of anti-symmetric vibration mode in lattice domes due to horizontal motion 
 
Accordingly, dynamic response of lattice domes under severe earthquake loading is 
normally associated with large displacements in all directions which are highly 
geometrically nonlinear. Consequently, an important mode of dynamic failure of lattice 
domes under seismic actions is ‘instability failure’ collapse mechanisms. In this respect, 
issues such as the buckling analysis in the elastic and plastic ranges, different types of 
instability modes and the effects of imperfections on the dynamic failure mechanism have 
been thoroughly investigated, (Gioncu et al, 1982; Gioncu, 1985; Gioncu et al, 1992; Heki, 
1992; Kato et al, 2005). Several instability modes may produce dynamic collapse in lattice 
domes, including member buckling, node buckling, torsional buckling and general 
buckling. It has been indicated that when the values of corresponding critical loads of 
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different instability modes are close, coupling of two instability modes may also occur. In 
this case the structure becomes sensitive to geometrical imperfections and the buckling 
load can decrease dramatically. Instability failure mechanism is characterised by an abrupt 
loss of structural load bearing capacity without any visible sign of an imminent failure, 
and the buckling of a member or a node can propagate over a large area, (Gioncu, 1995). 
On the other hand, experience gained from the past earthquakes shows that in many 
examples excessive development of plastic regions associated with large plastic 
deformations have been witnessed in lattice domes. This type of response leads to the so 
called material ‘strength failure’ collapse mechanism. In this type of failure, prior to any 
instability collapse mechanism, plastic regions gradually develop throughout the structure 
and the number of plastic elements increases significantly until the structure could no 
longer maintain its structural functionality. Accordingly, strength failure collapse 
mechanism is characterised by a ductile response in which structures experience excessive 
plastic deformations as well as large displacements before collapse, and the internal 
member forces undergo considerable redistribution, (Fan et al, 2005; Murata et al, 1997; 
Fan et al, 2004; Shen, 2006).  
Dynamic characteristics and the nature of possible failure mechanisms of lattice domes 
under dynamic action, clearly demonstrate the inherent highly nonlinear response of these 
structures against seismic action. Therefore, a realistic treatment of the seismic response 
of lattice domes should consider the nonlinearities encountered in these system, which 
normally necessitates a full nonlinear finite element analysis. This research aims to 
propose a simple and practical method for seismic response evaluation of lattice domes, 
which can conveniently remove the necessity of performing a complicated full nonlinear 
time–history dynamic analysis. The methodology adopted for this purpose is based on the 
modal pushover analysis concept, as described in Section 3.4. This interesting concept in 
seismic analysis is well in line with the inherent dynamic characteristics of lattice domes, 
and offers a framework by which nonlinear earthquake response of these complex 
structures can be approximated by means of nonlinear static analysis rather than nonlinear 
time–history dynamic analysis. 
This study only considers the dynamic strength failure phenomena in lattice domes, and 
the dynamic instability issues are not discussed in this research. 
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3.2 Main Elements of the Proposed Methodology 
The analytical method of tracing the full-range dynamic response is adopted for studying 
the strength failure problem in lattice domes. Under severe earthquake loading, plasticity 
normally develops in the structural members of lattice domes, when these structures are 
designed using normal codes of practice, (Fan et al, 2004). Accordingly, finite element 
analysis should normally be undertaken to determine the rate of spread of plasticity as 
well as the rate of increase in node displacement under seismic loading. In this study, 
ABAQUS suite of engineering analysis software packages is used for this purpose. 
Computer simulations show that with an increase in acceleration, plastic regions gradually 
develop, the number of plasticised elements increases and the internal member forces 
undergo considerable redistribution. When the input acceleration reaches a specific value, 
the ductility of both individual members and the entire dome decrease drastically, until 
failure is reached. 
Implementation of finite element procedures for nonlinear dynamic simulations, using 
sophisticated programs such as ABAQUS, is difficult for practicing engineers. Also, the 
main objective of this research is to facilitate the analytical procedure for dynamic analysis 
of lattice domes. To this end, this research studies the applicability of the ‘modal pushover 
analysis’ concept in seismic analysis of lattice domes, as an alternative to full nonlinear 
dynamic time-history analysis. Modal pushover analysis is carried out using the general-
purpose, commercial structural analysis program SAP2000. SAP2000 is a fully integrated 
program that allows model creation, modification, execution of linear and nonlinear 
analyses, design optimisation, and results review from within a single, user-friendly 
interface. Moreover, SAP2000 is an ‘object-oriented’ finite element program in which 
structural members are represented by ‘objects’ rather than ‘elements’, and mechanical 
properties as well as loading and constraints are assigned to the objects. Objects are 
automatically meshed and finite element analysis is performed automatically by the 
program. This important capability along with excellent analysis and design templates has 
made SAP2000 a favourable choice for many structural designers in practice, (Computers 
and Structures, Inc, 2009). On the other hand, SAP2000 is not suitable for performing full 
nonlinear time-history dynamic analysis and ABAQUS package is used for this purpose. 
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The proposed methodology includes the following steps: 
 
1. A pilot model, namely a single-layer diamatic lattice dome with practical dimensions, 
is defined, analysed and elastically designed against gravity loading, using standard 
procedures for steel design. The pilot model is used to carry out the necessary steps and 
procedures for establishing the approach, which can be used as a framework for evaluating 
the seismic response of other types of lattice domes with different geometrical particulars.  
The criterion adopted for structural design of the members is to provide a safety factor of 
2.5 against elastic buckling in order to avoid instability failure mechanism and ensure a 
strength failure mechanism, as recommended by Kato et al (2005).  
 
2. Dynamic behaviour and modal characteristics of the pilot model is studied by means of 
‘natural frequency analysis’ also known as eigenvalue analysis. In particular, natural mode 
shapes and their corresponding natural frequencies, modal mass participation ratios and 
cumulative mass participation ratios of the governing natural vibration modes are studied. 
It is shown that two distinctive modes, namely a sway mode and an anti-symmetrical 
mode, govern the dynamic response of the pilot model. 
 
3. Ultimate seismic response of the model to ground motion excitation is then evaluated 
by means of nonlinear time-history dynamic analysis, using the finite element program 
ABAQUS/explicit. Seismic response of the structure is discussed on the basis of a 
comprehensive study on some representative structural responses, namely maximum 
horizontal and vertical displacements at each ring level of the pilot model.  
 
4. The model is then subjected to modal pushover analysis, in which the inertia force 
distribution of specified modal shapes are taken as lateral load patterns in the pushover 
analysis procedure, as described in Section 3.4. Modal Pushover Analysis (MPA) is 
repeated for each mode shape and total dynamic response is approximated by combining 
the MPA results for each mode shape, using the CQC method. SAP 2000 is used for both 
eigenvalue and modal pushover analysis.  
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5. The effect of some influential geometric properties, on dynamic behaviour of the 
models is investigated by means of parametric studies, as one of the objective of this 
research. These properties include rise-to-span-ratio, actual value of the span, pattern of 
the configuration, density of the pattern of the configuration and relative stiffness of the 
supports.  
 
6. The accuracy of the proposed method is studied by comparing modal pushover analysis 
results with those obtained from time-history analysis, carried out by ABAQUS. 
Comparison between the MPA and those obtained from nonlinear time-history analysis 
shows that MPA has yielded results with high accuracy for the pilot model.  
 
7. The procedure is repeated for several single-layer lattice dome with different 
geometrical properties. Based on the analysis results, the scope and limitations of the 
proposed method are discussed and conclusions are drawn accordingly.   
3.2 Finite Element Analysis 
3.2.1 Introduction 
Finite element analysis method is a powerful computational technique for solutions to a 
variety of engineering problems. In general, engineering problems are mathematical 
models of physical situations. Physical situations usually occur in a continuum of matter 
(solid, liquid, or gas) involving several field variables such as displacement in structural 
analysis, temperature or heat flux in thermal analysis and electrical charge in electrical 
circuit analysis. Mathematical models are differential equations based with a set of 
corresponding boundary conditions. The differential equations are derived by applying 
the fundamental laws and principles of nature to a system, (Moaveni, 1999; Hulton, 2004).  
The mathematical roots of the finite element method dates back at least a half century, and 
its application can be traced back to three different branches of research namely, applied 
mathematics, physics and engineering. Although finite element was initially developed in 
structural mechanics, it was soon applied to other problems in virtually all fields of 
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engineering analysis. By the early 70's, finite element analysis was limited to expensive 
mainframe computers generally owned by the aeronautics, automotive, defence, and 
nuclear industries. Today due to the rapid decline in the cost of computers and the 
phenomenal increase in computing power, finite element analysis has been developed to 
an incredible precision. The term ‘finite element’ was first used by Clough in 1960 in the 
context of plane stress analysis and has been in common usage since that time, Bathe 
1996. During the decades of the 1960s and 1970s, the finite element method was extended 
to applications in plate bending, shell bending, pressure vessels, and general three-
dimensional problems in structural analysis as well as to fluid flow and heat transfer, 
(Newmark, 1959; Guyan, 1965; Lanczos, 1950; Hrennikof, 1941; McHenry, 1943; 
Shinozuka et al, 1986). 
In its most often-used form, finite element analysis corresponds to the ‘displacement 
method’, in which the unknowns are displacements in response to applied forces. The first 
step of any finite element simulation is to discretise the actual geometry of the structure 
using a collection of ‘finite elements’. Each finite element represents a discrete portion of 
the physical structure. The finite elements are joined by shared ‘nodes’. The collection of 
nodes and finite elements is called the ‘mesh’. The number of elements per unit of length 
or area in a mesh is referred to as the ‘mesh density’. In a structural analysis, the 
displacements of the nodes are the fundamental variables. Once the nodal displacements 
are evaluated, the stresses and strains in each finite element can be readily determined, 
(Synge, 1957; Courant, 1943; Agyris, 1954). 
The finite element method is computationally intensive, owing to the required operations 
on very large matrices. In the early years, applications were performed using mainframe 
computers. During the 1960s, the finite element software code NASTRAN was developed 
in conjunction with the space exploration program in the United States. NASTRAN was 
the first major finite element software code. In the years since the development of 
NASTRAN, many commercial software packages have been introduced for finite element 
analysis. Among these are ANSYS, ALGOR and ABAQUS. In today’s computational 
environment, most of these packages can be conveniently used on desktop computers and 
engineering workstations.  
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This study uses finite element analysis to obtain realistic dynamic responses of lattice 
domes subjected to earthquake excitation. This section discusses some general aspects of 
the finite element analysis method used here and presents its application for seismic 
response evaluation of single-layer lattice domes. The software code ABAQUS has been 
used for this purpose. 
3.2.2 Finite Element Code, ABAQUS/Explicit 
3.2.2.1 General Remarks 
ABAQUS is a high-performance software package developed by Hibbit and his co-
workers for the numerical modelling of structural response, (Hibbit et al, 2010). ABAQUS 
is widely accepted as one of the most capable multi-purpose finite element programs with 
powerful large deformation and nonlinear capabilities for sophisticated analysis. The 
software suite delivers accurate and high-precision solutions for challenging nonlinear 
problems, large-scale nonlinear dynamics applications, buckling/post buckling analysis 
and routine design simulations. Some of the specific capabilities of ABAQUS are: 
 
 Stress analysis (both static and dynamic responses), 
 Dynamic studies (linear and nonlinear problems),  
 Heat transfer problems,  
 Coupled heat transfer and stress analysis,  
 Eigenvalue buckling prediction,  
 Natural frequency extraction,  
 Geostatic stress analysis and  
 Dynamic analysis of linear systems by modal methods. 
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ABAQUS has three principal modules, namely, ABAQUS/Standard, ABAQUS/Explicit 
and ABAQUS/CAE, as described below, (Hibbit et al, 2010): 
 
 ABAQUS/Standard provides analysis capabilities for solving traditional implicit 
finite element analysis, such as stress/deformation analysis, heat transfer and mass 
transfer with the widest range of contact and nonlinear material options. Therefore, 
ABAQUS/Standard is an ideal tool for static and low-speed dynamic events. 
 ABAQUS/Explicit provides stress/deformation analysis using dynamic simulation 
with explicit time integration. The flexibility provided by this type of integration 
makes ABAQUS/Explicit particularly powerful for analysis cases where high-
speed, nonlinear, transient response dominates the solution. Examples of this type 
of analysis include complex contact conditions, crushing, and earthquake response 
simulations. 
 ABAQUS/CAE provides a complete modelling and visualization environment for 
ABAQUS analysis modules. With direct access to CAD models, advanced 
meshing and visualisation, and with an exclusive view towards ABAQUS analysis 
modules, ABAQUS/CAE is the modelling environment of choice for many users. 
3.2.2.2 Element Types and Material Properties 
ABAQUS contains an extensive library of elements that can model virtually any 
geometry. Furthermore, it is possible to import geometry from many different Computer 
Aided Drawing (CAD) software packages. This extensive element library provides a 
powerful set of tools for solving many different problems. The elements available in 
ABAQUS /Explicit are a subset of those available in ABAQUS/Standard. Fig 3.2 
illustrates some examples of elements commonly used in ABAQUS. Moreover, several 
beam cross-sections can be defined for beam elements as shown in Fig 3.3, (Hibbit et al, 
2010).  
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Fig 3.2 Commonly used element families in ABAQUS, (Hibbit et al, 2010) 
 
 
Fig 3.3 Available beam cross-sections ABAQUS, (Hibbit et al, 2010)  
 
All structural members of the pilot case model have been modelled using beam elements 
with pipe cross-sections. ABAQUS material library enables the use of various material 
models to simulate the behaviour of most typical engineering materials including metals, 
rubber, polymers, composites, reinforced concrete, crushable and resilient foams, and 
geotechnical materials such as soil and rock. 
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The material library in ABAQUS is intended to provide comprehensive coverage of linear, 
nonlinear, isotropic and anisotropic material behaviour. Material behaviour in ABAQUS 
fall into the following general categories:  
 
 General properties (material damping, density, thermal coefficient), 
 Elastic mechanical properties, 
 Inelastic mechanical properties, 
 Thermal properties, 
 acoustic properties, 
 Hydrostatic fluid properties, 
 Electrical properties and 
 Fluid flow properties. 
 
Material properties assumed for the structural members of the pilot model are defined in 
Section 5.2. 
3.3 Nonlinear Static (Pushover) Analysis 
3.3.1 Introduction 
Nonlinear time-history analysis of a detailed analytical model is perhaps the best option 
for the estimation of seismic response of a structure. However, this type of analysis is 
associated with several computational and practical complexities, especially for structures 
with complicated dynamic behaviour such as lattice domes. Current nonlinear numerical 
algorithms for nonlinear time-history analysis require significant computational effort 
which makes the design process time consuming and costly. Furthermore, there are many 
uncertainties associated with the generation of site-specific earthquake loading and with 
the analytical models presently employed to represent structural behaviour. Therefore, it 
is prudent to have a simpler analytical tool in order to evaluate the seismic performance 
of a structure. 
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Nonlinear static analysis, namely pushover analysis, is a simplified nonlinear analysis 
technique that can be used to estimate the dynamic demands imposed on a structure by 
earthquake ground motion. In pushover analysis, the structure is subjected to a step-wise 
increasing lateral force with an invariant height-wise distribution. With the increase in the 
magnitude of the lateral loading some members yield. The structural model is then 
modified to account for the reduced stiffness of yielded members and lateral forces are 
again increased until additional members yield. The process is continued until a control 
displacement at a point of the structure reaches a certain level of deformation or the 
structure becomes unstable, (FEMA-273, 1997; Habibullah, 1998; Chopra et al, 2002; 
Naeim, 2000).  
Pushover analysis is similar to plastic analysis, where the failure mechanism and collapse 
load factors are determined by considering the formation of plastic hinges within the 
structure. However, pushover analysis also keeps track of structural responses as the load 
factor increases incrementally. Moreover, pushover analysis illustrates the sequence and 
magnitudes of yielding as well as the failure mechanisms of a structure. Therefore, 
pushover analysis is an ideal analytical tool for assessing the state of structural damage, 
which is central to the ‘performance based seismic design’ concept, as described in 
Section 2.4.  
A typical pushover analysis consists of three steps, namely: 
 
 Defining the structural model,  
 Defining a height-wise static lateral load pattern and  
 Pushing the structure to a predefined target displacement. 
3.3.2 Defining the Structural Model 
In nonlinear structural analysis, a section attaining its plastic moment capacity undergoes 
plastic rotation without any further increase in bending moment. In other words, the 
section behaves like a real hinge while possessing a fully plastic moment. This hinge 
behaviour, typically pertaining to a plastic hinge, enables a structure to be analysed 
continuously by inserting a plastic hinge at any section reaching its plastic moment. In 
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tracing the formation of the plastic hinges, the structure becomes increasingly flexible 
until its stiffness is reduced to such a small value that imminent collapse occurs, 
(Chintanapakdee, 2003; Wong, 2009). Nonlinearity in the structural elements is usually 
modelled by introducing plastic hinges at appropriate locations within the elements. A 
plastic hinge is a simple nonlinear element to model yielding in bending, shear or axial 
deformation. Nonlinear behaviour of a plastic hinge is best understood by studying its 
action-deformation behaviour curve. Fig 3.4 shows a typical behaviour curve, namely a 
moment-curvature curve, for a moment plastic hinge. 
 
 
Fig 3.4 A typical behaviour curve of a flexural plastic hinge, (Wilson, 1981) 
 
Regarding Fig 3.4 the following points should be considered: 
 
 Point B represents the yielding point,  
 Point C represents the ultimate capacity, 
 Point D represents a residual strength and 
 Point E represent the total failure.  
 
Prior to reaching point B, all deformation is linear and occurs in the element itself. Plastic 
deformation beyond point B, occurs in the hinge in addition to any elastic deformation 
that may occur in the element. Beyond point E the hinge will drop directly below on the 
horizontal axis. 
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It is also common to assume that the moment-rotation relationship of a plastic hinge is 
rigid-plastic as shown in Fig 3.5. It is often assumed that yielding occurs only at plastic 
hinges and the rest of element remains elastic, (FEMA-273, 1997).   
 
 
 
 
Fig 3.5 Moment-rotation relation in ideal plastic hinges 
 
Behaviour curve of the plastic hinge, also provides a convenient means for pushover 
analysis. As shown Fig 3.4, corresponding values pertaining to different seismic 
performance levels, can be defined on the graph which are the basic information in the 
performance-based seismic design procedure. In Fig 3.4 IO, LS and CO correspond to the 
immediate occupancy, life safety and collapse prevention seismic performance levels, as 
defined in Section 2.4. 
3.3.3 Height-wise Load Distribution  
In pushover analysis, invariant lateral load patterns represent the likely distribution of 
inertia forces imposed on the structure during the seismic excitation. The deformed 
configuration of structure under the action of the invariant lateral load patterns, is expected 
to be similar to that the structure would undergo during earthquake response. Therefore, 
selection of lateral load pattern is critical and affects the analysis results significantly, 
(Lawson et al, 1994). 
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Fig 3.6 illustrates the three commonly used invariant lateral load patterns as recommended 
by FEMA-356 (2000), namely rectangular pattern, triangular pattern and the first elastic 
mode pattern. 
 
 
Fig 3. 6 Force distribution patterns in pushover analysis, (FEMA-356, 2000)  
 
However, it should be noted that the implicit assumption in pushover analysis is that the 
structure should only have a single load yielding mechanism, which can be captured 
through an invariant load pattern. This fundamental assumption is normally met in 
conventional building, in which the seismic response can be well approximated by the 
first, or fundamental, vibration mode. In these structures, usually more than 90%, of the 
dynamically active mass is absorbed by the fundamental mode, and the effect of higher 
modes is negligible. 
Accordingly, invariant load patterns can only provide adequate predictions if the structural 
response is not severely affected by higher modes, and could not predict potential failures 
caused by higher mode effects. This leads to the development of modal pushover analysis 
(MPA), which includes the contribution of higher modes, (Mwafy et al, 1994). Modal 
pushover analysis is the central analytical concept of this study, and is fully discussed in 
Section 3.4. 
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3.3.4 Pushover Curve 
In pushover analysis, as the pushing forces are increased some members yield under the 
combined effects of gravity and lateral loads. Base shear and top displacement are 
recorded at the first yielding. The structural properties are then modified to account for 
the reduced stiffness of yielded members, and the analysis continues by pushing the 
structure onto the next step. The recorded values for base shear against the top 
displacements are drawn. The graph is called the ‘pushover curve’, which is the main 
output of a pushover analysis. Pushover curve represents the nonlinear structural 
behaviour of the structure. Pushover curves are usually idealised by a bilinear diagram. 
Furthermore, the sequence of yielding, possible failure mechanisms and performance 
levels can be readily estimated from the Pushover curve, (Chopra et al, 2000). Fig 3.7 
shows a typical example of a pushover curve. 
 
 
 
Fig 3.7 A typical pushover curve, (FEMA-273, 1997) 
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3.4 Modal Pushover Analysis (MPA) 
3.4.1 Introduction 
In pushover analysis both the force distribution and target displacement are based on the 
assumption that the response is controlled by the fundamental mode and that the mode 
shape remains unchanged after the structure yields. Apparently, after the structure yields 
both assumptions are approximate. This is mainly due to the fact that invariant force 
distributions cannot account for the change of load patterns caused by the plastic hinge 
formation and changes in the stiffness of different structural elements, (Gupta et al, 1999; 
Gupta et al, 2000). Accordingly, deformation estimates obtained from a pushover analysis, 
may be very inaccurate for structures in which higher mode effects are significant. 
Moreover, redistribution of inertia forces induced by structural yielding, and the 
associated changes in the vibration properties of the structure cannot be captured through 
pushover analysis, (Krawinkler, 1998; Saiidi et al, 1981; Bracci et al, 1997). 
These limitations, have led many researchers to propose new procedures in order to 
modify the pushover analysis concept. One method proposed in this direction, is the 
‘adaptive force distribution’ pattern. In this method the changes in inertia forces due to 
inelastic deformations is calculated, and the lateral load pattern is modified, as a 
consequence. To elaborate, the underlying approach of this technique is to redistribute the 
lateral load shape with the extent of inelastic deformations as the plastic hinges are formed 
in the structure. It has been shown that the adaptive method is capable of predicting 
acceptable seismic responses after structural yielding. However, this method makes 
pushover analysis computationally demanding and conceptually complicated, which 
impairs the basic merits of pushover analysis, (Fajfar et al, 1996; Bracci et al, 1997; Fajfar 
et al, 2001; Rofooeia et al, 2007). 
Modal Pushover Analysis (MPA), introduced by Chopra and Goel (2001), has proved to 
be a convenient means to tackle the shortcomings of the pushover analysis method, as 
mentioned earlier in this section. MPA is an improved form of the pushover analysis, 
which retains the conceptual simplicity and computational attractiveness of pushover 
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analysis procedure, and at the same time effectively accounts for the influence of higher 
vibration modes on the structural seismic response. 
In modal pushover analysis the distribution of the lateral pushing forces over the height 
of the structure is proportional to the inertia force distribution of specified modal shapes.  
Accordingly, in a typical modal pushover analysis procedure, the structure is subjected to 
several pushover analyses using the modal shape of effective vibration modes as lateral 
load patterns. Once the peak values for each individual MPA are obtained, combining 
these modal responses by an appropriate modal combination rule (e.g. CQC rule) provides 
an estimate of the total seismic demand on the inelastic system. When applied to elastic 
systems, the MPA procedure is shown to be equivalent to standard response spectrum 
analysis (RSA), (Chopra and Goel, 2002). 
This study implements the modal pushover analysis technique as the main analysis method 
for estimating the earthquake response of lattice domes. All modal pushover analyses have 
been carried out using the computer program SAP 2000, Computers and Structures Inc 
(CSI) 2009. Modal pushover analysis results are verified by comparing the analysis results 
with the exact results obtained from nonlinear time-history analysis. 
3.4.2 Theoretical Background of Modal Pushover Analysis (MPA) 
3.4.2.1 Modal response history analysis  
The differential equations governing the response of a linear multi-degree-of-freedom 
system (MDOF) to horizontal earthquake ground motion is given by: 
 
𝑴?̈? + 𝑪?̇? + 𝑲𝒖 = −𝑴𝒊?̈?𝑔(t)       (3.1) 
 
 
Where 𝑴 , 𝑪  and 𝑲  represent mass, damping and stiffness matrices of the system, 
respectively. 𝒖, ?̇? and ?̈? are nodal displacement, velocity and acceleration vectors.  ?̈?𝑔(𝑡) 
is the time-dependant acceleration of the ground motion excitation, and 𝒊 is an influence 
vector. Each element of the influence vector is equal to unity. Equation of motions 
given by Eqn 3.1, can be uncoupled using eigenvectors of the mass and stiffness matrices 
` 
114 
which are the mode shapes ɸ𝑛 of the structure. Each uncoupled vibration mode can be 
assumed as SDOF system, whose modal equation of motion is governed by: 
 
?̈? 𝑛 + 2𝜉𝜔𝑛𝐷?̇? + 𝜔𝑛
2𝐷𝑛 = −?̈?𝑔(t)       (3.2) 
 
Accordingly, total dynamic response of the linear dynamic system can be defined, as: 
 
𝑼(𝒕) = ∑ 𝑢𝑛(𝑡) =
𝑁
𝑛=1
∑ Г𝑛ɸ𝑛𝐷𝑛
𝑁
𝑛=1
(𝑡)                                                                                   (3.3)  
Г𝑛 =
𝐿𝑛
𝑀𝑛
 , 𝐿𝑛 = ɸ𝑛
𝑇  ,   𝑀𝑛 = ɸ𝑛
𝑇𝑴ɸ𝑛 
 
The right-hand side of Eqn 3.1 can be interpreted as effective earthquake forces: 
 
𝑷𝑒𝑓𝑓(𝑡) = −𝑴𝒊?̈?𝑔(t)         (3.4) 
 
 
 
Effective earthquake forces 𝐏eff(t) can also be decomposed into modes, as follows: 
 
 
𝐌𝐢 = ∑ Sn =
N
n=1
∑ Гnmɸn                                                                                                (3.5)
N
n=1
 
𝐏eff(t) = ∑ 𝐏eff,n(t) =
N
n=1
∑ −Siüg(t)                                                                             (3.6)
N
n=1
 
 
 
Modal response of the MDOF system un to 𝐏eff,n(t) is solely proportional to the n
th mode 
shape, with no contribution from other modes. Accordingly, any modal response quantity 
rt (storey drifts, internal element forces, etc.) can be expressed as: 
 
𝐫n(t) = rn
stAn(t)             (3.7) 
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Where  rn
st  denotes the modal static response, the static value of r due to external forces 
Sn , and An (t) is the n
th mode, pseudo-acceleration response of the SDOF system, as 
defined in Section 2.1.4.3. 
 
An(t)= ωn
2Dn(t)          (3.8) 
 
 
Therefore, the response of the system to the total excitation 𝐏eff(t) is: 
 
r(t) = ∑ rn(t) =
N
n=1
∑ 𝐫n(t) = rn
stAn(t)                                                                         (3.9)
N
n=1
 
 
This is the classical Modal Response History Analysis (MRHA) procedure, in which 
Eqns (3.3) and (3.9) reflect the response contributions of all modes. Modal response 
history analysis effectively uses the modal expansion of the spatial distribution of the 
effective earthquake forces. This concept provides the basis for the modal pushover 
analysis procedure. 
In an MPA procedure, initially mode shapes ɸn  and their corresponding natural 
frequencies ωn, are determined. Accordingly, pushover analysis is performed using modal 
inertia distribution mɸn , as lateral static force patterns. Modal peak response rno 
,corresponding to a predefined target top displacement, is then determined. The total 
response is obtained by combining the peak modal responses, using a suitable combination 
rule such as CQC or SRSS method, as described in Section 2.1.5.3b. 
While classical pushover analysis is only applicable to structures with a single dominant 
mode shape, MPA has the advantage of accounting for the contribution of several modes. 
Accordingly, MPA can estimate acceptable seismic responses for structures with several 
effective modes, such as lattice domes.   
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CHAPTER 4                                                    
LATTICE DOMES 
4.1 Introduction 
4.1.1 General Remarks 
A ‘dome’ is a structural system that consists of one or more layers of elements that are 
‘arched’ in all directions, (Makowski, 1984). The surface of the dome may be a part of a 
single surface such as a sphere or a paraboloid, or it may consist of a patchwork of 
different surfaces. 
A dome is a typical example of a ‘synclastic’ surface in which the curvature of any point 
is of the same sign in all directions. The important property of synclastic surfaces is that 
they are not developable, namely domic surfaces cannot be flattened into a plane without 
stretching or shrinking it, (Nooshin et al, 2000). The principal types of lattice domes 
commonly used in practice include, 
 
1. Ribbed domes, 
2. Schwedler domes, 
3. Lamella domes, 
4. Diamatic domes, 
5. Levic domes, 
6. Geodesic domes, 
7. Mallow domes, 
8. Onion domes, 
9. Conical domes, 
10. Ovate domes, 
11. Scallop domes, 
12. Facet domes, 
13. Cable domes and 
14. Suspen-domes. 
 
In this chapter several principal types of lattice domes, namely Ribbed, Schwedler, 
Lamella, Diamatic, Ovate, Mallow and Scallop domes are introduced as illustrated in Fig 
4.1.  Due to special structural particularities of suspen-domes and cable domes, these types 
are not included in this study.  
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(a) Ribbed dome 
 
(b) Schwedler dome 
 
(c) Lamella dome 
 
(d) Ovate dome 
 
(e) Diamatic dome 
 
(f) Scallop dome 
`
 
(g)  Geodesic domes 
 
 
             
(h) Mallow domes 
 
 
Fig 4.1 Examples of single-layer lattice domes  
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4.1.2 Formex Configuration Processing 
‘Formex algebra’ is a mathematical system that provides a convenient medium for 
configuration processing. The rudimentary ideas from which formex algebra has emerged 
was introduced be Professor Hoshyar Nooshin in 1975. This field of knowledge has been 
continuously developed during the last three decades and has now reached a level of 
maturity that makes it an ideal medium for configuration processing in many disciplines, 
especially in the design of spatial structures.  
The term ‘configuration’ is used to mean an ‘arrangement of parts’. The most common 
usage of the term configuration is in reference to geometric composition of points, lines 
and surfaces. The term ‘configuration processing’ is used to mean the creation and 
manipulation of configurations and the term ‘formex configuration processing’ is used to 
mean configuration processing using formex algebra. Formex configuration processing 
uses the concepts of formex algebra through the programming language ‘Formian’ to 
generate and process configurations. The preliminary concepts and ideas of formex 
configuration processing are described in the following sections, for more details 
regarding formex algebra and the programming language Formian, the reader is referred 
to Nooshin et al (2000), Nooshin et al (2001).  
4.2 Ribbed Domes 
4.2.1 Introduction 
Ribbed domes are probably one of the oldest types of lattice domes used in practice and 
are still popular and frequently constructed worldwide. Basically a ribbed dome consists 
of a number of ‘rib’ and ‘ring’ elements situated on normally a spherical surface which is 
referred to as the ‘circumsphere’ of the dome. Rib elements are meridional elements 
intersecting at the crown of the dome, and the ribs are interconnected by ring elements 
which form horizontal polygons at parallel horizontal elevations, (Nooshin et al, 2000). 
Fig 4.2 shows an example of a ribbed dome built in Delhi, (Makowski, 1984). 
` 
119 
 
Fig 4.2 An example of a single-layer ribbed dome, (Makowski, 1984)  
 
Ribbed domes can be constructed as either ‘single layer’ or ‘double layer’. In the former 
case the structural elements, as well as the connections, should be able to cater for bending 
moments as well as axial and shear forces. Consequently, single-layer ribbed domes are 
normally used for relatively shorter spans. In contrast, in double layer ribbed domes the 
structural elements can be assumed to be pinned at their ends in which internal element 
forces are axial and the system can be treated as a three dimensional   pin jointed spatial 
structure. Double layer ribbed domes can cater for longer spans. Various types of material 
including steel, aluminium and timber may be used for structural elements, (Makowski, 
1984; Nooshin et al, 2000). 
4.2.2 Particulars of Ribbed Domes 
Fig 4.3 illustrates the particulars of a spherical dome together with their geometrical 
relationships. These geometrical properties include the ‘span’ (S), the ‘rise’ (H), the 
‘sweep angle’ (A), the ‘radius of the circumsphere’ (R) and the ‘central angle’ which is 
twice the sweep angle of the dome, (Nooshin et al, 2000). 
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Fig 4.3 Cross-section of the circumsphere of a spherical dome  
 
In practice domes are usually defined by their rise and span values rather than other 
properties mentioned above; once these properties are defined other geometrical 
properties of the configuration can be derived through geometrical relationships between 
these properties. The formulae expressing these relationships can be derived as given 
below. 
 
 
Fig 4.4 Particulars of a spherical dome 
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As shown in Fig 4.4, having defined the span and rise values of a spherical dome 
configuration, the angle B can be calculated as: 
 
tanB = H S
2
⁄ → B = arctan (
2H
S
)                                                                                  (4.1)  
     
From basic geometry, the magnitude of angle B is half of its corresponding central angle 
A, thus: 
 
→ A = 2arcta n(2H S⁄ )                                                                                                   (4.2) 
 
The radius of the circumsphere can then be calculated as: 
 
si n A =
S
2R
→ R =
S
2si n A
                                                                                                  (4.3)  
 
4.2.3 Formex Configuration Processing of Ribbed Domes 
As mentioned in Section 4.1, formex algebra together with the programming language 
Formian, provide convenient mediums for generation of different families of spatial 
structures. In the case of lattice domes, it is convenient to use a ‘spherical normat’ for 
formulating the configuration. Particulars of a spherical normat are shown in Fig 4.5. 
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Fig 4.5 Particulars of a spherical normat 
 
In Formian a group of one or more statements that are to be executed together is referred 
to as a ‘scheme’; if the parameters in a scheme are defined as variables the scheme is 
referred to as a generic scheme. An example of a generic formex formulation for 
generating a single-layer ribbed dome is given in the scheme of Fig 4.6. It can be seen that 
span, rise and the parameters controlling the density of the configuration, namely m and 
n, are given as variables. Accordingly, the sweep angle and the radius of the circumsphere 
have been calculated using the formulae (4.2) and (4.3). Therefore, different 
configurations with various rise-to-span-ratios and various configuration densities can be 
generated by simply modifying these parameters. In the scheme of Fig 4.6 ‘rin’ is a ‘rindle 
function’ that allows ‘translational replication’ and the suffix ‘it’ in the ‘rinit’ function 
implies a double action involving directions two and three. In this scheme 
 
 The formex E represents all the elements of the dome other than those along the 
base ring and those attached to the crown, 
 The formex B represents all the elements along the base ring and 
 The formex H represents all the elements attached to the crown of the dome. 
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(*) Ribbed Dome (*) 
m=16;               (*) Number of elements on a ring (*) 
n=8;                      (*) Number of elements on a rib (*) 
S=45;               (*) Span (*) 
H=15;   (*) Rise (*) 
A=2*atan|(2*H/S); (*) Sweep angle (*) 
R=S/(2*sin|A);  (*) Radius (*) 
E=rinit(m,n,1,1)|{[1,0,1;1,1,1],[1,0,1;1,0,2]}; 
B=rin(2,m,1)|[1,0,n+1;1,1,n+1]; 
H=rin(2,m,1)|[1,0,0;1,0,1]; 
D=E#B#H;    
Dome=bs(R,360/m,A/(n+1))|D; 
use &, vm(2), vt(2), vh(0,1.5*R,4*R, 0,0,0, 0,0,1); clear;   
Draw Dome; 
Fig 4.6 A generic scheme for a ribbed dome  
 
In Formian certain functions are used to transform different normat coordinates of a 
configuration into global Cartesian coordinates. These functions are referred to as 
‘retronorms’.  
In the formulation given in Fig 4.6, the construct  
 
bs(R,360/m,A/(n+1) 
 
is a ‘basispherical retronorm’ which its effect is to transform the spherical normat 
coordinates into global x-y-z Cartesian coordinates. The parameters of the basispherical 
retronorm act as scale factors in the first, second and third directions. Fig 4.7 shows two 
examples of single-layer ribbed domes with different parameters. 
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(a)  A low density example 
(S=37 m, H=7 m, m=12, n=8) 
 
(b)     A high density example 
(S=37 m, H=7 m, m=40, n=8) 
Fig 4.7 Examples of ribbed domes with different parameters 
 
A typical problem associated with a ribbed dome is ‘element cluttering’ in the crown 
region of the dome, particularly when the density of the pattern is high. To avoid this 
problem the configuration can be ‘trimmed’ in the vicinity of the crown. Trimming is 
usually carried out by deleting some rib elements near the crown. Fig 4.8 and Fig 4.9 show 
an example of a trimmed ribbed and its corresponding formex formulation, respectively. 
 
`  
Fig 4.8 An examples of a trimmed ribbed dome (S=100 m, H=40 m, m=24, n=10) 
` 
125 
(*)Trimmed Ribbed Dome (*) 
m=24;                        (*) Number of elements on a ring (*) 
n=10;                         (*) Number of elements on a rib (*) 
S=100;   (*) Span (*) 
H=40;   (*) Rise (*) 
A=2*atan|(2*H/S); (*) Sweep angle (*) 
R=S/(2*sin|A);  (*) Radius (*) 
E=rinit(m/2,2,2,1)|{[1,0,1;1,2,1],[1,0,1;1,0,2]}; 
EE=rinit(m,n-2,1,1)|{[1,0,3;1,1,3],[1,0,3;1,0,4]}; 
B=rin(2,m,1)|[1,0,n+1;1,1,n+1]; 
H=rin(2,m/2,4)|[1,0,0;1,0,1];D=pex|EE#E#B#H; 
Dome=bs(R,360/m,A/(n+1))|D; 
use &, vm(2), vt(2), vh(0,1.5*R,4*r, 0,0,0, 0,0,1); clear;    
Draw Dome; 
Fig 4.9 Generic scheme for the trimmed ribbed dome of Fig 4.8 
Ribbed domes can be constructed as either single-layer or double layer. Fig 4.10 illustrates 
the components of a double layer ribbed dome. It is convenient to formulate the formex 
configuration of a double layer dome in terms of the circumradius of the top layer and the 
‘depth’ of the dome which is the difference between the circumradii of the top and bottom 
layers. The generic scheme for the dome of Fig 4.10, is given in Fig 4.11. 
 
Fig 4.10 An examples of a double layer ribbed dome and its components 
(S=100 m, H=20 m, m=20, n=6) 
 
Top layer 
 
Bottom 
layer 
 
Web 
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(*)Double layer ribbed dome(*) 
m=20;                             (*) Number of elements on a ring (*); 
n=6;                                (*) Number of elements on a rib (*) 
S=100;     (*) Span (*) 
H=20;     (*) Rise (*) 
D=2;     (*) Depth(*) 
A=2*atan|(2*H/S);   (*) Sweep angle  (*) 
Rt=S/(2*sin|A);                (*) Radius of top layer (*) 
Rb=Rt-D;                          (*) Radius of Bottom layer (*) 
i=A/(2*N);                (*) Increment (*) 
TOP=rinit(M,N+1,2,2*i)|[Rt,0,2*i;Rt,2,2*i]#rinit(M,N,2,2*i)|[Rt,0,2*i;Rt,0,4*i]; 
BOT=rinit(M,N,2,2*i)|[Rb,1,3*i;Rb,3,3*i]#rinit(M,N-1,2,2*i)|[Rb,1,3*i;Rb,1,5*i]; 
WEB=rinit(M,N,2,2*i)|lamit(1,3*i)|[Rb,1,3*i;Rt,0,2*i]; 
Dome=WEB#TOP#BOT; Dome=bs(1,360/(2*M),1)|Dome; 
use  &, vm(2), vt(1), vh(0,2*Rt,6*Rt, 0,0,0, 0,0,1);  clear; 
Draw Dome; 
Fig 4.11 Generic scheme for the double layer ribbed dome of Fig 4.10 
All the information about ribbed domes presented in this section, unless stated, was taken 
from, (Nooshin et al, 2000; Nooshin et al, 2001). 
4.3 Schwedler Domes 
4.3.1 Introduction 
The Schwedler dome is a popular type of lattice dome named after the German engineer 
J W Schwedler who introduced this type of dome in the 19th century. The main 
components of a Schwedler dome are similar to that of ribbed domes (namely meridional 
rib and horizontal ring elements). However, in a Schwedler dome trapeziums formed by 
rib and ring elements are subdivided by diagonal elements, (Nooshin et al, 2000; 
Makowski, 1984). A typical single-layer Schwedler dome is shown in Fig 4.12.  
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Fig 4.12 An example of a Schwedler dome 
 
The popularity of Schwedler domes was due to the fact that on the assumption of pin 
connected joints, this structural form may be regarded as statically determinate. This 
assumption, in the absence of high speed modern computers, facilitated their structural 
analysis at the time they were introduced. However, in a single-layer Schwedler dome, 
normally ribs are continuous members and rings as well as diagonal elements, are rigidly 
jointed and all members are under the action of bending and torsional moments as well as 
axial forces. Consequently, the assumption of pin connected joints in structural analysis 
of the dome may lead to unrealistic results. The presence of the diagonal elements, 
however, leads to a better load distribution especially against lateral loads such as wind 
and earthquake loads, (Makowski, 1984). 
4.3.2 Formex Configuration Processing of Schwedler Domes 
Formex configuration processing of Schwedler domes are similar to that of ribbed domes, 
except than diagonal elements should be added to the configuration. The type of 
disposition of diagonal elements results in various types of Schwedler dome 
configurations. Figs 4.13 (a) to (c) illustrate some examples of Schwedler domes with 
different diagonal patterns. 
Ring 
Diagonal 
 
Rib 
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 (a)  (b) 
 (c) 
Fig 4.13 Examples of Schwedler domes with different diagonal elements disposition 
(S=36 m, H=7 m, m=16, n=8) 
 
Similar to ribbed domes, element cluttering is a common problem in this type of dome 
which necessitates trimming of the configuration, (Nooshin et al, 2000).  Fig 4.14 shows 
an examples of a trimmed Schwedler dome. The generic scheme for the dome of Fig 4.14 
is given in Fig 4.15. 
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Fig 4.14 An examples of a trimmed Schwedler dome 
(S=40 m, H=10 m, m=40, n=4) 
 
(*) Trimmed Schwedler dome, alternative bracing  (*) 
m=40;   (*) No. of elements on a ring (*) 
n=4;   (*) No. of elements on a rib (*) 
S=40;   (*) Span (*) 
H=10;   (*) Rise (*) 
A=2*atan|(2*H/S);  (*) Sweep angle (*) 
R=S/(2*sin|A);  (*) Radius (*) 
D=rinit(m,1,2,2)|{[1,0,1;1,2,1]}; 
DD=rinit(m,n-1,1,1)|{[1,0,2;1,1,2]}; 
DDD=rinit(m,n-2,1,1)|[1,0,3;1,0,4]; 
B=rin(2,m/2,2)|lam(3,2)|{[1,0,1;1,1,2],[1,1,2;1,2,1]}; 
BB=rinit(m/2,n-2,2,1)|{[1,0,3;1,1,4],[1,1,4;1,2,3]}; 
E=rin(2,m,1)|[1,0,n+1;1,1,n+1]; 
G=rin(2,m,4)|[1,0,0;1,0,1]; 
F=pex|(E#D#B#G#DD#DDD#BB); 
Dome=bs(R,360/m,A/(n+1))|F; 
clear;  
use &, vm(2), vt(2), vh(0,2*R,4*R, 0,0,0, 0,0,1); 
Draw Dome; 
Fig 4.15 Generic scheme for the trimmed Schwedler dome of Fig 4.14 
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4.4 Lamella Domes 
4.4.1 Introduction 
Lamella domes constitute another major family of lattice domes. The lamella system was 
invented in Europe in 1906 by M Zollinger in Germany. It was introduced by Dr G. R. 
Kiewitt to the USA in 1925; during his life late Dr Kiewitt constructed numerous large 
span lamella domes both in timber and steel and greatly contributed to the design and 
construction of this elegant system. A basic lamella configuration (mainly) consists of 
only diagonal elements situated on a spherical surface. This configuration results in an 
aesthetically pleasing form that consists of a number of similar units arranged in a 
diamond or rhombus pattern which are referred to as ‘lamellas’. An example of a typical 
lamella dome is shown given in Fig 4.16. In addition to their desirable architectural form, 
this type of lattice dome has shown a very good performance under excessive wind loading 
as well as seismic actions, (Nooshin et al, 2000; Makowski, 1984). 
 
 
Fig 4.16 An examples of a spherical dome with parallel lamella pattern 
(S=40 m, H=10 m, m=60, n=12) 
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4.4.2 Formex Configuration Processing of Lamella Domes 
Formex formulation for the lamella dome of Fig 4.16 is given in Fig 4.17. 
 
(*) Lamella dome, parallel lamella pattern (*) 
m=60;    (*) No. of elements on a ring (*) 
n=12;    (*) No. of elements on a rib (*) 
S=40;    (*) Span (*) 
H=10;    (*) Rise (*) 
A=2*atan|(2*H/S);  (*) Sweep angle (*) 
R=s/(2*sin|A);   (*) Radius (*) 
D=rinit(m/2,n/2,2,2)|lam(3,2)|{[1,0,1;1,1,2],[1,1,2;1,2,1]}; 
B=rin(2,m,1)|[1,0,1;1,1,1]; 
F=rin(2,m,1)|[1,0,n+1;1,1,n+1]; 
DD=D#B#F; 
Dome=bs(R,360/m,A/(n+1))|DD; 
clear;  
use &, vm(2), vt(2), vh(0,2*R,4*R, 0,0,0, 0,0,1); 
Draw Dome; 
Fig 4.17 Generic scheme for the single-layer lamella dome of Fig 4.16 
 
It should be noted that a lamella configuration may have ring elements as well. If these 
ring elements appear at all levels then the resulting configuration will have a triangular 
pattern as shown in Fig 4.18. 
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Fig 4.18 An examples of a lamella dome with ring elements at all levels 
(S=60 m, H=12 m, m=60, n=6) 
 
However, ring elements may appear at some selected levels which results in a less dense 
configuration as shown in Fig 4.19. Rib elements are rarely used in lamella domes. 
 
  
Fig 4.19 Two examples of a lamella domes with ring elements at some levels 
(S=40 m, H=12 m, m=60, n=12) 
 
Similar to ribbed and Schwedler domes, element cluttering near the crown region is a 
common problem in lamella domes which usually requires element trimming. Fig 4.20 
shows an example of a trimmed single-layer lamella dome. 
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Fig 4.20 An example of a trimmed single-layer lamella dome, (Nooshin et al, 2000) 
4.5 ELLIPSOIDAL AND OVATE DOMES  
4.5.1 Ellipsoidal Domes 
The lattice Domes discussed in Sections 4.2 to 4.4 were all spherical domes in which 
different element dispositions were patterned on spherical surfaces. Spherical dome 
configurations may be transformed into ellipsoidal domes using simple scaling. For 
example consider the Schwedler dome of Fig 4.13(a). The plan view of this dome is 
redrawn in Fig 4.21(a) for convenience. This configuration has been transformed into an 
ellipsoidal configuration whose dimensions in horizontal direction are 1.3 times greater 
than those of the original dome as shown in Fig 4.21(b).  
` 
134 
 
 
 
 
(a) 
 
(b) 
 
Fig 4.21 An Example of an ellipsoidal dome scaled in one direction 
(S=40 m, H=10 m, m=16, n=8) 
 
Formex formulation for the ellipsoidal dome of Fig 4.21(b) is given in Fig 4.22. In this 
scheme the formex D represents the spherical dome configuration of Fig 4.21(a) in which 
the spherical normat coordinates have been transformed into global x-y-z Cartesian 
coordinates using a basispherical retronorm as described in Section 4.3.  
 
In this scheme the formex variable 
 
Dome=bt(1,1.3,1)|D 
 
represents the ellipsoidal dome of Fig 4.21(b) whose dimensions in the Y direction are 1.3 
times greater than those in the original dome. In the formex formulation given in  Fig 4.22 
the construct  
bt(1,1.3,1)|D 
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is a ‘basistrifect retronorm’ which its effect is to scale the dimensions of the configuration  
represented by the formex D by a value of 1, 1.3 and 1 in the X, Y and Z directions, 
respectively, (Nooshin et al, 2000).  
 
 (*)Ellipsoidal  dome, Schwedler pattern(*) 
m=16;    (*) No. of elements on a ring (*) 
n=8;    (*) No. of elements on a rib (*) 
S=40;    (*) Span  (*) 
H=10;    (*) Rise (*) 
A=2*atan|(2*h/s);  (*) Sweep angle (*) 
R=s/(2*sin|A);   (*) Radius  (*) 
D=rinit(m,n,1,1)|{[1,0,1;1,1,1],[1,0,1;1,0,2]}; 
B=rinit(m/2,n,2,1)|{[1,0,1;1,1,2],[1,1,2;1,2,1]}; 
E=rin(2,m,1)|[1,0,n+1;1,1,n+1]; 
G=rin(2,m,1)|[1,0,0;1,0,1]; 
F=E#D#B#G; 
D=bs(R,360/m,A/(n+1))|F; 
Dome=bt(1,1.3,1)|D; 
use &, vm(2), vt(2), vh(0,2*R,4*R, 0,0,0, 0,0,1); clear;  
Draw Dome; 
Fig 4.22 Generic scheme for the single-layer ellipsoidal dome of Fig 4.21 (b) 
 
Accordingly, scaling can be carried out in any direction by simply modifying the 
parameters of the basistrifect retronorm. Figs 4.23 (a) and (b) respectively show, the plan 
and perspective views of an ellipsoidal dome which is obtained by scaling the dome 
configuration of Fig 4.21(a) in Y and Z directions by scale factors of 1.2 and 1.8.  
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(a) 
 
 (b) 
Fig 4.23 An Example of an ellipsoidal dome scaled in two directions 
(S=40 m, H=10 m, m=16, n=8) 
4.5.2 Ovate Domes 
Ovate (egg shaped) domes may also be created by simple scaling of various forms. For 
example Fig 4.24 shows the plan view of an ovate dome. This configuration can be created 
by putting together half of the spherical dome of Fig 4.21(a) and half of an ellipsoidal 
dome which has been obtained by scaling the same dome in Y direction by a factor of 1.4. 
 
Fig 4.24 Examples of ovate domes 
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Generic formex formulation of the dome configuration shown in Fig 4.24  is given in    
Fig 4.25 In this configuration the elements attached to the crown have been deleted to 
avoid element cluttering near the crown region. 
 
(*)Ovate dome, Schwedler pattern (*) 
m=16;     (*) No. of elements on a ring (*) 
n=8;     (*) No. of elements on a rib (*) 
S=40;     (*) Span  (*) 
H=10;     (*) Rise (*) 
A=2*atan|(2*h/s);   (*) Sweep angle (*) 
R=s/(2*sin|A);    (*) Radius (*) 
D=rinit(m/2,n,1,1)|{[1,0,1;1,1,1],[1,0,1;1,0,2]}; 
B=rinit(m/4,n,2,1)|{[1,0,1;1,1,2],[1,1,2;1,2,1]}; 
E=rin(2,m/2,1)|[1,0,n+1;1,1,n+1]; 
F=E#D#B; G=ref(2,0)|F; 
D=bs(R,360/m,A/(n+1))|(F); 
DD=bs(R,360/m,A/(n+1))|(G); 
DDD=bt(1,1.4,1)|DD; 
Dome=pex|(D#DDD); 
use &, vm(2), vt(2), vh(0,2*R,4*R, 0,0,0, 0,0,1); clear;  
Draw Dome; 
Fig 4.25 Generic scheme for the single-layer Ovate dome of Fig 4.24 
4.6 DIAMATIC DOMES 
4.6.1 Introduction 
Diamatic domes are one of the most efficient types of lattice domes and are frequently 
used in practice. Two notable domes of this type are Superdome in New Orleans and 
Astrodome in Texas both in USA, (Nooshin  et al 2000; Nooshin  et al, 2001). 
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Fig 4.26 Astrodome in Texas during construction, 205m Diameter, (Nooshin et al, 2000) 
 
The major characteristic of this system is that a diamatic dome consists of a number of 
‘sectors’ with identical element configuration. These sectors are then placed one next to 
another in order to form the complete configuration. The side boundaries of a sector are 
along two meridians of the circumsphere of the dome and the bottom boundary is along a 
parallel of the circumsphere. The number of the elements along a boundary of a sector is 
referred to as the ‘frequency’ of the configuration, (Nooshin et al, 2001). Numerous 
diamatic patterns can be used for lattice domes. However, all these patterns are obtained 
by manipulation of one ‘basic pattern’ which is a triangular pattern situated on spherical 
cap as show in Fig 4.27. This basic pattern is also known as ‘parallel lamella’. The 
diamatic dome shown in Fig 4.27 has six sectors with the frequency being eight; in general 
a diamatic dome can have any number of sectors and any frequency.  
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Fig 4.27 An example of a single-layer diamatic dome 
(S=35 m, H=7 m, m=8, n=6) 
 
An important feature of diamatic domes is that due to the method used to generate them, 
the problem of ‘element cluttering’ near the crown (as discussed for ribbed, Schwedler 
and lamella domes) is completely solved. This important feature can be well visualised by 
comparing a section of a diamatic dome with a lamella dome of similar proportion as 
illustrated in Fig 4.28.  
 
 
 
Fig 4.28 Comparison between a diamatic pattern and its corresponding lamella pattern, (Nooshin 
et al, 2001) 
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4.6.2 Formex Configuration Processing 
The configuration of a diamatic spherical dome can be formulated using a spherical 
normat as defined in Section 4.2.2. However, the most convenient way of formulating a 
diamatic dome is through a modified form spherical normat, which is referred to as a 
‘diamatic normat’ (Nooshin et al 2001; Nooshin  et al, 1995). The particulars of such a 
normat is shown in Fig 4.29. 
 
 
Fig 4.29 Normat lines and global directions in a diamatic normat, (Nooshin et al 2001) 
 
It can be seen that the first and third directions in a diamatic normat (U1 and U3, 
respectively) are exactly as defined as for a spherical normat; the difference is in the way 
the second direction is defined. To elaborate, in a spherical normat every normat line in 
the second direction relates to a meridian as shown in Fig 4.29. In the case of a diamatic 
normat, however, the normat lines in the second direction are in accordance with the 
geometrical characteristics of the ‘parallel lamella’ pattern as illustrated in Fig 4.29. For 
example consider the spherical normat shown in Fig 4.30.  
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Fig 4.30 Normat lines and global directions in a diamatic normat, (Nooshin et al, 2001) 
 
In Fig 4.30 the plots denoted as D1 and D2 can be conveniently represented by the 
formices: 
 
D1 = [1,1,3; 1,1,4]   
D2 = [1,2,5; 1,3,5] 
Once all elements of a sector of a diamatic form are defined the complete configuration 
can be created through rotational replication of the sector. The normat coordinates can 
then be transformed into global x-y-z Cartesian coordinates through a ‘basisdiamatic 
retronorm’. While The first and third parameters of a basisdiamatic retronorm is identical 
to that of a basispherical retronorm, the second parameter is defined differently and is 
actually the central angle of each sector, (Nooshin et al, 2001). Fig 4.31 shows a generic 
formex formulation of the dome of Fig 4.27. In this formulation: 
 The particulars of the configuration including span (S), rise (H), frequency (m), 
number of sectors (n), sweep angle (A) and radius of the circumsphere (R) are 
given in a parametric form as defined in the scheme, 
 E represents the configuration of one sector relative to a diamatic normat, 
 F represents the configuration of the formex E that has then been transformed into 
global Cartesian coordinates through the basisdiamatic retronorm ‘bd’, 
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 ‘genit’ is a ‘genit function’ that provides a mechanism for creating non rectangular 
arrays of objects; the suffix ‘it’ in the ‘genit’ function implies a double action 
involving directions two and three, 
 ‘roused’ is a ‘rosette function’ where the term ‘rosette’ implies a rotational 
replication in the X-Y plane about and 
 Because a diamatic configuration is obtained by placing the sectors one next to 
another, doubly elements will be generated along the side boundaries of all sectors. 
These superfluous elements should be deleted if the geometry of the dome is to be 
used for structural analysis. In Formian this is done by using the ‘pexum’ function 
which can be employed to prune the superfluous doubles of the element in a 
configuration.  
Therefore, in Fig 4.31 formex ‘Dome’ in the construct 
Dome=pex|rosad(0,0,n,360/n)|F 
represents the complete configuration of the dome of Fig 24 in which all doubly elements 
have been removed using the ‘pexum’ function.  
More details about these functions can be found in (Nooshin et al, 2000; Nooshin et al, 
2001). 
 
 (*) Diamatic dome ,  Parallel lamella (*) 
m=8;    (*) Frequency (*) 
n=6;   (*) Number of sectors (*) 
S=35;   (*) Span (*) 
H=7;   (*) Rise (*) 
A=2*atan|(2*h/s); (*) Sweep angle (*) 
R=s/(2*sin|A);  (*) Radius (*) 
E=genit(1,m,1,1,0,1)|{[1,0,0;1,0,1],[1,0,1;1,1,1],[1,1,1;1,0,0]}; 
F=bd(R,360/n,A/m)|E; 
Dome=pex|rosad(0,0,n,360/n)|F; 
use &, vm(2), vt(2), vh(0,2*R,4*r, 0,0,0, 0,0,1); clear; 
Draw Dome; 
Fig 4.31 Generic scheme for the single-layer lamella dome of Fig 4.27   
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Numerous diamatic patterns can be used for lattice domes. All these patterns, however, 
are obtained by manipulation of the parallel lamella pattern. For example Fig 4.32 shows 
a diamatic dome which has a honeycomb pattern. 
 
 
Fig 4.32 An example of a single-layer diamatic dome with honeycomb pattern 
(S=60 m, H=20 m, Freq.=10, No. of sectors=6) 
 
It should be noted, that a typical problem associated with diamatic domes is excessive 
types of elements with regard to their length. This problem may result in fabrication and 
construction difficulties. However, despite this problem numerous advantages of this type 
of dome have made diamatic domes a favourable choice for many designers.  
4.7 MALLOW DOMES 
4.7.1 Introduction 
Mallow domes are a spectacular type of lattice domes, so called because of their 
resemblance to the ‘mallow flower’. Similar to diamatic domes, mallow domes consist of 
a number of identical sectors placed one next to another in space. The difference between 
a diamatic and mallow dome configuration is that in diamatic domes the sectors consist 
of various element configurations patterned at a division of a, normally, sphere. In 
contrast, in mallow domes each sector is a ‘hyperbolic paraboloidal’ grid with a triangular 
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boundary in plan. Fig 4.33(a) and (b) illustrate, respectively, the perspective and side 
views of a mallow dome, (Nooshin et al, 2001). 
 
 
(a) A perspective view 
 
 
 
(b) A side view 
 Fig 4.33 An example of a single-layer mallow dome, (Nooshin et al, 2001) 
4.7.2 Hyperbolic Paraboloidal Surface 
The hyperbolic paraboloid surface is a saddle-shaped surface as shown in Fig 4.34. The 
important characteristic of this geometrical form is that, relative to the Cartesian X, Y and 
Z directions as defined in the figure, the intersection of any plane that contains the Z axis 
with the surface will be a ‘parabola’. Also, the intersection of any plane that is normal to 
Z axis with the surface will be ‘hyperbola’, and thus the name ‘hyperbolic paraboloid’.  
 
Fig 4.34 A hyperbolic paraboloidal grid  
Z 
X 
Y
X 
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Mathematically, the equation of the hyperbolic paraboloidal surface of Fig 4.34, with 
respect to the indicated x-y-z coordinate system is:  
 
z = 2pxy              (4.4)
        
Where  
 
 p is referred to as the ‘pitch’ and is given by 
p = H/L2         (4.5) 
 H is the difference in heights of the corners of the grid as shown in Fig 4.35(a) and 
 L is the length of the grid (in plan) as shown in Fig 4.35(b). 
 
 
 
 
 
                (a)  side view 
 
(b)  Plan view 
 
Fig 4.35 Side and plan views of a hyperbolic paraboloidal grid, (Nooshin et al, 2001) 
4.7.3 Formex Configuration Processing 
As mentioned in Section 4.7.2, a mallow dome configuration consists of a number of 
identical sectors placed one next to other to form the complete configuration. Each sector 
is a ‘hyperbolic paraboloidal’ grid with a triangular boundary in plan.  
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Fig 4.36 A hyperbolic paraboloidal grid with triangular boundary, (Nooshin et al, 2001) 
 
Consider Fig 4.36 which shows a flat grid that has a triangular boundary in plan. One 
sector of a mallow dome can be obtained by manipulating the configuration of Fig 4.36 
following the steps given below: 
1. Formulating the configuration in U1-U2 plane (step 1-Fig 4.37), 
2. Rotating the configuration in the U2.U3 plane such that the base of the triangle 
will be equal to the desired distance between the top of the dome and the U1-U2 
plane (step 2.Fig 4.37) .This distance which controls the height of the centre of the 
dome is referred to as the ‘centre height’, 
3. The configuration is scaled in U1 direction such that the central angle of each 
sector will be equal to 360/n, where n is the number of the sectors (step 3-Fig 4.37), 
4. The configuration is rotated in the U1-U2 plane about the origin such that it 
assumes a position at the middle of the U1-U2 quadrant (step 4-Fig 4.37) and 
5. The nodal points of the surface are transformed to a hyperbolic paraboloidal 
surface using a ‘basihyperbolic parabolic retronorm’ (step 5-Fig 4.37). The 
function of this retronorm is to transform the coordinates of the sector to the global 
x-y-z coordinate system. 
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Fig 4.37 Graphical display of the steps required for generating one sector of a mallow dome 
(Nooshin et al, 2001) 
The complete dome can then be obtained by rotational replication of this sector about the 
vertical axis.  
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(*) Mallow dome (*) 
(*) Span is 2*D*sinA (*)             
(*) C must be smaller than D (*) 
m=6;              (*) Frequuency of each sector (*) 
n=7;              (*) Number of the sectors (*) 
S=4;              (*) Scale (*) 
C=14;              (*) Central Hight (*) 
P=0.025;                (*) Pitch (*) 
D=m*S;                 (*) Length of each sector (*) 
A=acos|(C/D); B=360/(2*n); 
W=D*sin|A*tan|B; K=W/m; 
Step1=genid(1,m,2,s,-1,1)|{[0,0,0;1,s,0],[1,s,0;-1,s,0], [-1,s,0;0,0,0]}; 
Step2=verat(0,0,A-90)|Step1; 
Step3=dil(1,K)|Step2; 
Step4=verad(0,0,-45)|Step3; 
Step5=bhp(1,1,1,P)|Step4; 
Dome=pex|rosad(0,0,n,360/n)|Step5; 
use &, vm(2), vt(2), vh(3*D,2*D,1*D, 0,0,0, 0,0,1); clear; 
Draw Dome; 
Fig 4.38 Generic scheme for a mallow dome  
 (S=40 m, C=14 m, m=6, n=7) 
 
The formulation given in scheme of Fig 4.38 is a generic formex formulation version for 
the mallow dome of Fig 4.33. In this formulation  
 Formices ‘Step 1’ to ‘Step 5’ correspond to the steps defined in Fig 4.37, 
 ‘verat’ is the ‘vertition function’ where the term ‘vertition’ implies ‘rotation’ and 
the suffix ‘at’ implies an action in direction one followed by a similar action in 
direction three, (Nooshin et al, 2000), and 
 ‘dil’ is the ‘dilatation’ function which has the effect of scaling fomices in any 
desired direction, (Nooshin  et al, 2001). 
Other functions used in this scheme are as defined in Section 4.7.2. 
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4.8 SCALLOP DOMES 
4.8.1 Introduction 
Scallop domes are another type of domes that, similar to mallow domes, their geometrical 
form is inspired by the forms found in nature. The term ‘scallop’ signifies the resemblance 
of a scallop dome with the form of the shell of the marine creature scallop. Scallop domes 
have alternate ridges and grooves that radiate from the centre. Fig 4.39 shows an elegant 
example of a scallop dome built in Japan, (Nooshin et al, 2000). All the information about 
scallop domes presented in this section, unless stated, was taken from, (Nooshin et al, 
2001). 
 
Fig 4.39 An example of a scallop dome in Japan, (Nooshin et al, 2000) 
4.8.2 Formex Configuration Processing 
Consider Fig 4.40(a) which shows a perspective view of a single-layer diamatic dome 
whose nodes lie on a spherical cap. Mathematically, a scallop dome can be obtained by 
‘arching’ each segment of this dome. To elaborate, if the nodal points along every 
circumferential ring are raised vertically such that the part of the ring between the borders 
in each segment is turned into an arch, then the dome configuration of  
` 
150 
Fig 4.40(a) will be transformed into the dome configuration given in Fig 4.40(b) which 
illustrates a typical example of a scallop dome.  
The arching effect is such that: 
 The nodal points on the segmental borders remain in their original position and 
 The rise of the arches increases with distance from the crown of the dome. 
The maximum rise for each ring, which occurs at the middle of each segment, is referred 
to as ‘amplitude of the ring’. The amplitude of the base ring which is the ring that is 
furthest away from the crown is referred to as the ‘amplitude of the dome’. 
 (a)  (b) 
Fig 4.40 An example of a scallop dome and its corresponding diamatic dome 
(S=60 m, H=15 m, Freq.=12, No. of sectors=6) 
(Span=40 m, Central height=14 m, Freq.=6, No. of sectors=7) 
 
Fig 4.41 shows a generic formex formulation of the dome of Fig 4.40. 
 (*) Scallop Dome Diamatic pattern (*)  
S=60;   (*) Span (*) 
H=15;   (*) Rise (*) 
m=12;   (*) Frequency (*) 
n=6;   (*) |Number of sectors (*) 
A=2*atan|(2*h/s); (*) Sweep angle (*) 
R=s/(2*sin|A);  (*) Radius (*) 
E=genit(1,m,1,1,0,1)|{[1,0,0;1,0,1],[1,0,1;1,1,1],[1,1,1;1,0,0]}; 
Scallop=sbd(1,360/n,[1,m,6,0],R,360/n,A/m)|E; 
Dome=pex|rosad(0,0,n,360/n)|scallop; 
use &, vm(2), vt(2), vh(0,2*R,3*R, 0,0,0, 0,0,1); clear; 
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Draw Dome; 
Fig 4.41 Generic scheme for the scallop dome of Fig 4.40  
Regarding the arching style of the segments in the scalloping process, two styles are 
available in Formian, i.e. sinusoidal and parabolic arches. For example the scallop domes 
demonstrated in Fig 4.42 (a) and (b) are identical in every aspect except for the style of 
segmental arching. To elaborate, the segments in the domes of Fig 4.42 (a) and (b) are 
arched using a parabolic and sinusoidal law, respectively. Generally, the parabolic law for 
segmental arching in the scalloping process results in sharp segmental borders. In contrast, 
sinusoidal arching normally produces smoother segmental borders. 
 
 
 (a)  (b) 
Fig 4.42 An example of different arching styles in scallop domes 
(span=45 m, height=10 m, Freq.=12, No. of sectors=8) 
 
So far in the scallop domes exemplified in this section only the heights of the nodal points 
of the domes were affected by the scalloping process and the plan view of the domes 
remained unaffected. However, the arching process can involve horizontal as well as 
vertical ‘curving’. In this case the scalloping process turns a circumferential ring into 
spatial curves whose plan views involve outward ‘bulging’ in each segment; the degree of 
bulging increases with the distance from the centre of the dome. The horizontal movement 
of a segmental point of a circumferential ring is referred to as the ‘prominence of the ring’. 
The ring that is furthest from the crown has the largest prominence; this is referred to as 
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the ‘prominence of the dome’. Fig 4.43 illustrates the effect of prominence in scallop 
domes. 
 
Fig 4.43 The concept of prominence in scallop domes 
Fig 4.44 (a) shows the plan view of the dome configuration of Fig 4.40 (a) that is repeated 
for convenience. Fig 4.44 (b) shows the plan view of a dome that is identical in every 
aspect to the dome of Fig 4.44 (a) except for horizontal curving. Fig 4.44 (c) shows the 
perspective view of the dome of Fig 4.44 (b). 
 
 
                                                         (a) 
 
                   (b) 
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          (c)                                                     
Fig 4.44 The effect of prominence in scallop domes 
CHAPTER 5  
SEISMIC RESPONSE EVALUATION OF    
SINGLE-LAYER LATTICE DOMES 
5.1 Seismic Response Evaluation of the Pilot model  
5.1.1 General Remarks 
Owing to the complicated geometry and highly nonlinear dynamic behaviour of single-
layer lattice domes, seismic response evaluation of these structures normally requires a 
time-history nonlinear dynamic analysis, using the finite elements method. Moreover, 
time-history analysis should be repeated for several different ground motion records in 
order to ensure that all relevant frequencies are excited and no important structural 
response is overlooked. Accordingly, earthquake analysis of single-layer lattice domes is 
normally time-consuming and requires an in-depth knowledge of both structural dynamics 
and the finite element method. Consequently, much research has been carried out to 
introduce a suitable set of equivalent static seismic loading system for single-layer lattice 
domes, (Kato et al, 1997; Kato et al, 2007; Ogawa et al, 2007; Kato et al, 2012). 
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 However, as mentioned in Section 2.3.3, so far all these proposals are associated with 
certain assumptions and limitations and a comprehensive and practical equivalent static 
seismic loading scheme has not yet been provided. In response to this need, this thesis 
proposes a practical method for evaluation of the seismic response of single-layer lattice 
domes, by means of static nonlinear analysis. The proposed methodology is based on the 
Modal Pushover Analysis (MPA) concept, in which lateral load patterns in pushover 
analysis are proportional to the inertia force distribution for each mode, as described in 
Section 3.4.  
 
The method is initially established for a single-layer lattice dome as the pilot case study 
model. The pilot model is used to carry out all the necessary steps and procedures for 
establishing the method. Accordingly, a diamatic dome with practical geometrical 
particulars and pinned at all boundary supports, was defined as the pilot model.  
It should be noted that this research only considers the strength failure phenomenon for 
seismic collapse of lattice domes, as mentioned in Section 3.1. Accordingly, in order to 
avoid instability failure mechanism and ensure a strength failure mechanism, a safety 
factor of 2.5 against elastic buckling has been assumed for structural design of the 
members, as recommended by Kato et al (2005). Once sizing of the structural members 
was completed, dynamic particulars of the model, namely natural vibration modes and 
corresponding periods, modal mass participation ratios and cumulative mass participation 
ratios of the principal modes, were evaluated by means of eigenvalue analysis. 
Accordingly, seismic response of the pilot model was approximated by means of modal 
pushover analysis using the effective vibration modes, obtained from eigenvalue analysis. 
The importance of the modes was judged by their mass participation ratios. In the case of 
the pilot model, two effective vibration modes, namely an anti-symmetrical and a 
horizontal sway mode, constitute more than 90% of the total mass participation of the 
system, as described in 5.1.3. Eigenvalue analysis and modal pushover analysis were 
carried out using the software package SAP 2000, (Computers and Structures Inc (CSI), 
2009). 
The model was then subjected to a geometrically and materially nonlinear time-history 
dynamic analysis, using the horizontal component of the 1940 El-Centro earthquake, 
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PEER 2011. Time-history analysis results was used to verify and benchmark the results 
obtained from modal pushover analysis (MPA) of the pilot model. The finite element 
software package ABAQUS/explicit has been used for this purpose, (Hibbit et al, 2010). 
Comparing the MPA results of the pilot model with those obtained from nonlinear time-
history analysis, showed that MPA has estimated the nonlinear seismic response of the 
pilot model with acceptable accuracy. 
Accordingly, the accuracy and efficiency of the proposed method for estimating the 
seismic response of other types of single-layer lattice domes with varying rise-to-span-
ratios has been investigated, as given in Section 5.2. It was observed, that although MPA 
could accurately estimate the seismic response of high-rise domes, its accuracy decreased 
as the domes became shallower. 
The results showed that as rise-to-span-ratio decreased, the number of effective vibration 
modes participating in the seismic response were increased, and more vertical 
displacements were witnessed in the dynamic response. Extensive analyses on several 
single-layer lattice domes with varying rise-to-span-ratios, showed that modal pushover 
analysis could yield acceptable results when the number of effective vibration modes is 
limited to three. This finding is in line with the recommendations given for modal 
pushover analysis, (Chopra et al, 2002).  
5.1.2 Description of the Pilot Model 
The structural model of the single-layer diamatic pilot dome model and the designation 
adopted are shown in Figs 5.1 and 5.2, respectively. Parameters S and H denote the span 
and the rise (height) of the model, respectively. It can be seen that the pilot dome model 
possess a rise-to-span-ratio of 1/3, which represents a high-rise dome. This designation is 
used for all single-layer dome models considered in this thesis, and is taken from Fan et 
al (2007). 
The criteria adopted for general geometrical configuration and member sizing are as 
follows: 
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 The density of the configuration is selected so that it limits the length of the 
structural members to 4 m. This conforms to the usual practice.  
 All the supports of the model are assumed to be situated at the base ring and are 
three-way hinged immovable supports. 
 The Material constants are assumed to be 235 MPa for initial yield stress, 353 MPa 
for ultimate tensile strength and 2.06x105 MPa for Young’s modulus of elasticity. 
 As for the gravity loads, a value of 200 kgf/m2 is considered. This is a rational 
value considering the following assumptions : 
 
 Weight of cladding : 50 kgf/m2,  
 Self-weight of the structural members: 50  kgf/m2 and 
 Snow load: 100 kgf/m2. 
 
 The values assumed for weight of cladding and self-weight of the structural 
members, are practical figures. The value considered for snow load is in 
accordance to the Iranian code of practice for imposed loads on buildings for a 
moderate snow fall, Code No. 6, 2013. All gravitational loads are treated as 
concentrated lumped masses at the nodes. 
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Fig 5.1 Geometrical particulars of the pilot dome model 
S=40 m, H=S/3 
 
 
 
 
 
Fig 5.2 Designation of the dome models   
 
 
Nonlinear seismic response of the model is evaluated by means of modal pushover 
analysis and nonlinear time-history earthquake response analysis. For the purposes of all 
nonlinear analyses, it is assumed that under external seismic loading, as the cross-section 
of a structural element reaches its maximum resisting moment capacity, an abrupt 
transition from elastic to ideally plastic behaviour occurs at a certain value of moment, 
known as the ‘plastic moment Mp’ of the section. 
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When the plastic moment is reached ‘plastic hinges’ develop at certain locations of the 
element, which permits free rotation of the cross section. Consequently, the section 
transfers loads to adjacent sections and the member continues to resist increasing external 
actions. This process continues until the structure has plastic hinges at sufficient sections 
to form a failure mechanism when it actually collapses. It is assumed that plasticity 
develops only at plastic hinge regions, and other parts of the element remain elastic.  
Therefore, only cross-sections capable of developing plastic hinges and sufficient rotation 
capacity can be used in a nonlinear analysis. According to the British Standard, as well as 
the Eurocode, cross-sections with plastic hinge rotation capacity are classified as ‘class 
one’ cross-sections. The criteria for classification of this type of cross-section are given in 
BS-5950 part 1 2000 and EC3 part 1.1 1993. In this study standard class one, steel tube 
sections with rigid connections have been used for all structural members.  
Fig 5.3 shows a typical action-deformation relationship for a flexural plastic hinge. It can 
be seen that the section acts rigidly from the outset of loading to point B when the plastic 
moment of the section is reached and significant nonlinear behaviour begins. The section 
reaches its ultimate strength at point C, after which significant strength loss begins.  Point 
D is the residual strength point, where the minimum residual strength of the section is 
reached. The section may continue to deform till point E, where the deformations are 
usually too large at this point and the analysis is normally terminated. Further information 
about plastic hinges are given in Section 3.3.2. 
 
 
Fig 5.3 A Typical moment-curvature relationship of a flexural plastic hinge  
(FEMA-356, 2000) 
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5.1.3 Modal Characteristics of the Pilot Model 
The pilot dome model was subjected to eigenvalue analysis, and the vibration modes 
together with their corresponding natural periods and mass participation ratios, have been 
evaluated. It was observed that due to the complete symmetry of the structure, several 
parallel horizontal vibration modes with identical natural periods and mass participation 
ratios appear in the global X and Y directions. This is in line with the previous research 
as described in Section 2.1.1.  
Table 5.1 shows a summary of the eigenvalue analysis results for the principal modes in 
both horizontal and vertical directions. Distribution of the mass participation ratios of 
these modes together with the distribution of their cumulative values against mode 
numbers in the horizontal and vertical direction are shown in Figs 5.4 and 5.5, 
respectively. 
Table 5.1 Principal vibration modes of the pilot dome model 
 
Principal vibration modes 
(Horizontal  direction) 
Principal vibration modes 
(Vertical direction) 
Mode 
No. 
Tn 
(Sec) 
rxn 
(%) 
 Σrxn. 
(%) 
Mode 
No. 
Tn 
 (Sec) 
rxn 
 (%) 
Σrxn. 
(%) 
1 0.37 87.60 87.60 3 0.19 1.40 1.40 
2 0.22 3.7 91.3 8 0.18 3.40 4.80 
    19 0.17 1.10 5.90 
    48 0.15 3.60 10.40 
    91 0.12 1.90 13.40 
    122 0.09 47.70 62.50 
    348 0.04 0.00 65.20 
    349 0.04 0.00 65.20 
    350 0.04 0.00 65.20 
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(a) 
 
 
 
(b) 
 
Fig 5.4 Distribution of mass participation ratio of the principal modes 
Pilot model (D4023). Horizontal direction. 
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(a) 
 
 
 
(b) 
 
Fig 5.5 Distribution of mass participation ratio of the principal modes 
Pilot model (D4023). Vertical direction. 
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Studying Tables 5.1, Figs 5.4 and 5.5, gives rise to the following considerations: 
 
 In the horizontal direction 90% of the total mass participation ratio has been 
achieved by considering the first two modes, where the first vibration mode, 
namely the fundamental mode, contributes to nearly 88% of this amount. It was 
observed that fundamental mode is a horizontal mode, whereas the second 
vibration mode represents an anti-symmetrical mode, as illustrated in Fig 5.6 
 
 It can also be seen that contribution of the vertical modes are not significant, which 
implies insensitivity to vertical excitations. Fig 5.5 shows that total mass 
participation ratio of the vertical modes did not exceed 66% considering 350 
vibration modes, in which only one vertical mode, namely mode No. 122, 
contribute to 48% of this amount, as shown in Fig 5.7. 
 
 Accordingly, it can be concluded that modal characteristics and dynamic 
behaviour of the pilot model is quite similar to conventional building structures, 
where dynamic response is normally governed by the first horizontal mode, 
namely the fundamental mode, and vertical response could be conveniently 
ignored. 
 
 
(a) Mode 1 
Horizontal mass participation ratio=88%, 
 Period=0.37 sec 
 
(b) Mode 2 
Horizontal mass participation ratio=4%, 
Period=0.22 sec 
 
Fig 5.6 Principal horizontal modes of the pilot model. 
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(a) Mode 122 
Vertical mass participation ratio=48%, 
Period=0.09 sec 
 
Fig 5.7 Principal vertical mode of the pilot model 
 
5.1.4 Modal Pushover Analysis of the Pilot Model 
5.1.4.1 General Remarks 
The pilot model was subjected to modal pushover analysis using modal properties 
obtained from eigenvalue analysis, as described the previous Section. The criteria adopted 
for the pushover analysis of the pilot model are, as follows: 
 
 The target displacement considered for the pushover analysis is a drift value of 
0.5% for the top joint, namely the of the dome. The drift is defined as the absolute 
relative displacement of the apex to the height of the structure. This value 
conforms to the values recommended by FEMA-273 (1997). 
 
 Moment plastic hinges were considered at both ends and the middle of all members 
of the pilot model. The assumed behaviour curve for the plastic hinges is as 
illustrated in Fig 5.3, in Section 5.1.2. In total 1368 plastic hinges were considered 
for pushover analysis. 
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 In order to investigate the individual effect of each mode in the modal pushover 
analysis, three patterns for the height-wise pushing forces has been considered, 
namely: 
 
1. 2nd mode modal distribution; the distribution of the pushing forces is 
proportional to the 2nd principal horizontal mode, namely mode No. 2 with 
4% mass participation ratio, 
 
2. 1st mode modal distribution; the distribution of the pushing forces is 
proportional to the 1st principal horizontal mode, namely mode No.1 with 
88% mass participation ratio and 
 
3. All principal horizontal modes that constitute 92% of the mass participation 
ratio using the CQC (Complete Quadratic Combination) rule, as 
recommended by Chopra et al (2002). 
5.1.4.2 Analysis Results for Modal Pushover Analysis 
Structural responses of the pilot model to three modal pushover patterns, as described in 
the previous section, have been investigated by monitoring the nodal horizontal and 
vertical displacements at each ring level of the dome, as well as the apex. The designation 
of the ring levels is shown in Fig 5.8. 
 
 
Fig 5.8 Designation of the ring levels  
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The results of the modal pushover analyses are reflected in Table 5.2 and Fig 5.9. Studying 
the analysis results shows that horizontal displacements govern the total response. This is 
in good consistency with the modal characteristics of the structure, as described in Section 
5.1.3. It can also be seen that in the horizontal direction pushover results using mode 1 
(with 88% mass participation ratio) are close to the ultimate modal pushover analysis 
results and the effect of the second mode (with 4% mass participation ratio) is negligible. 
On the other hand, in the vertical direction both modes have effectively contributed to the 
total maximum response, and the supplementary effect of mode 2 has been significant. It 
was also observed that maximum displacements occurred at the second ring level of the 
dome. 
 
Table 5.2 Modal pushover analysis results of the pilot dome model 
 
 
Pushover 
Mode 2 
 (4%) 
Pushover 
Mode 1 
 (88%) 
Modal Pushover 
CQC - Modes 1 & 2 
(92%) 
 
U1 
(mm) 
U3 
(mm) 
U1 
(mm) 
U3 
(mm) 
U1 
 (mm) 
U3 
 (mm) 
Level 1 18.1 5.2 44.5 10.0 48.1 11.3 
Level 2 21.9 11.4 53.1 12.0 57.4 16.6 
Level 3 14.9 7.8 51.6 6.9 53.8 10.4 
Level 4 19.1 3.5 50.7 6.8 54.2 7.6 
Level 5 19.6 2.1 48.4 6.2 52.2 6.5 
Level 6 16.5 1.4 43.4 3.4 46.5 3.7 
Apex 18.1 5.2 44.5 10.0 48.1 11.3 
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(a) 
 
 
 
(b) 
Fig 5.9 Horizontal and vertical displacement envelope of the pilot model (D4023)  
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5.1.5 Nonlinear Time-History Analysis of the Pilot Model 
5.1.5.1 General Remarks 
Once the modal pushover analyses were completed, the pilot model was subjected to the 
horizontal component of the 1940 El-Centro earthquake, and its nonlinear response was 
evaluated by means of time-history dynamic analysis. Fig 5.10 illustrates the horizontal 
ground acceleration record for this earthquake, (Pacific Earthquake Engineering Research 
Centre (PEER), 2011). 
 
 
 
Fig 5.10 Horizontal ground acceleration record of the El-Centro 1940, (PEER, 2011) 
 
Time-history analysis has undertaken using the finite element software package 
ABAQUS/explicit, (Hibbit et al, 2010). Consistency between the models generated in 
ABAQUS/explicit and SAP2000 programs was controlled by comparing the eigen 
frequency values obtained from each program, as illustrated in Fig 5.11. Analysis results 
are reported in the following section. 
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Fig 5.11 Eigen frequency comparison between SAP and ABAQUS models, D4023 
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5.1.5.2 Time-History Analysis Results and Comparison with Modal Pushover 
Analysis 
Fig 5.12 illustrates the state of ultimate nonlinear seismic response of the pilot model 
subjected to the El-Centro earthquake 1940, (PEER, 2011). Nonlinear seismic responses 
were studied by monitoring nodal horizontal and vertical displacements at each ring level, 
as well as the apex. It was observed that nonlinear response characteristics of the pilot 
model were in line with its modal properties, as described in Sections 5.1.3. Furthermore, 
maximum displacements, both horizontal and vertical, occurred at the second ring level 
and the response was dominated by horizontal displacements. These characteristics are in 
very good consistency with those obtained from modal pushover analysis, as described  in 
Section 5.1.4.  
 
 
 
Fig 5.12 State of ultimate nonlinear seismic response of the pilot model  
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Comparison between time-history and modal pushover analysis (MPA) results shows that 
MPA has estimated the ultimate nonlinear responses of the pilot model with high 
accuracy, as reflected in Table 5.3. Fig 5.13 illustrates the accuracy of modal push over 
analysis using the fundamental mode (ratio 88%), as well as the supplementary effect of 
mode 2 in achieving accurate results. 
 
Table 5.3 Time-history and modal pushover analysis results of the pilot dome model 
 
 
Pushover 
Mode 2 
 (4%) 
Pushover 
Mode 1 
 (88%) 
Modal Pushover 
CQC - Modes 1 & 2 
(92%) 
Nonlinear time-history 
El-Centro 1940 
 
U1 
(mm) 
U3 
(mm) 
U1 
(mm) 
U3 
(mm) 
U1 
 (mm) 
U3 
 (mm) 
U1 
 (mm) 
U3 
 (mm) 
Level 1 18.1 5.2 44.5 10.0 48.1 11.3 51.0 11.8 
Level 2 21.9 11.4 53.1 12.0 57.4 16.6 59.8 18.1 
Level 3 14.9 7.8 51.6 6.9 53.8 10.4 55.4 11.5 
Level 4 19.1 3.5 50.7 6.8 54.2 7.6 52.7 7.1 
Level 5 19.6 2.1 48.4 6.2 52.2 6.5 52.5 5.9 
Level 6 16.5 1.4 43.4 3.4 46.5 3.7 50.0 4.2 
Apex 18.1 5.2 44.5 10.0 48.1 11.3 51.0 11.8 
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  (a) 
 
 
(b) 
 
Fig 5.13 Horizontal and vertical displacement envelope of the pilot model (D4023)  
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5.2 Application of MPA for Seismic Response Evaluation of 
Lattice Domes with varying Rise-to-Span Ratios 
In the previous sections, applicability of the modal pushover analysis concept in 
estimating the nonlinear seismic response of single-layer lattice domes was investigated. 
For this purpose, a single-layer diamatic dome with a rise-to-span ratio of 1/3, pinned at 
all boundary supports was defined as the pilot case study model. Eigenvalue analysis 
results of the pilot model showed that in the horizontal direction more than 90% mass 
participation ratio of the structure has been achieved by considering only the first two 
vibration modes. Furthermore, 88% of this amount was due to the first mode, namely the 
fundamental mode. It was also observed that vibration modes in the vertical direction were 
scattered and insignificant which implies insensitivity to vertical excitations, as described 
in Section 5.1.3. Accordingly, it was concluded that the modal pushover analysis 
technique could conveniently estimate the nonlinear seismic response of the pilot model 
with acceptable accuracy, as reported in Section 5.1.5. 
Dynamic characteristics of the pilot model, which represents a high-rise dome, are close 
to conventional building structures, where vertical displacements are negligible and the 
ultimate response is dominated by the fundamental vibration mode. However, dynamic 
behaviour of single-layer lattice domes diverts from this position, as rise-to-span-ratio 
changes. 
Figs 5.14 illustrates the important effect of rise-to-span-ratio on modal characteristics of 
three single-layer diamatic domes, with different rise-to-span-ratios, in the horizontal 
direction. All boundary supports of the models are assumed to be pinned in all directions. 
It can be seen that as the domes become shallower, mass participation ratio of the 
fundamental mode rapidly decreases and many modes are required to obtain 90% total 
mass participation ratio. In particular, participation ratios for fundamental modes of 
D4024, D4025 and D4027 models are 51%, 22% and 12%, respectively. Also, the number 
of modes needed for a 90% mass participation for the D4024 and D4025 models are, 
respectively, 221 and 448 modes, and  for D4027 model 90% total horizontal mass 
participation ratio could not be reached, considering even 450 vibration modes. 
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On the other hand, as the domes become shallower more vertical response results, as 
illustrated in Fig 5.15. It can be seen that with a decreasing rise-to-span-ratio, effective 
vertical modes with higher frequencies appear in the dynamic behaviour, and fewer modes 
are needed to achieve a total 90% mass participation in this direction. Accordingly, 
considerable vertical response is anticipated for shallower domes.  
 
 
  
  
  
Fig 5.14 Distribution of modal mass and cumulative modal mass participation ratios in 
horizontal direction, (D4024, D4025, D4027) 
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Fig 5.15 Distribution of modal mass and cumulative modal mass participation ratios in vertical 
direction, (D4024, D4025, D4027) 
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vibration modes. Accordingly, MPA failed to provide accurate results for low-rise models, 
in which many vibration modes with small participation ratios were distributed through a 
wide range of frequencies.  
Fig 5.16 illustrates the state of ultimate nonlinear seismic response of a shallow dome, 
namely D4025, subjected to the El-Centro earthquake 1940, (PEER, 2011).  
 
Fig 5.16 State of ultimate nonlinear seismic response of the D 4025 model 
Fig 5.17 compares the time-history analysis results of the D4025 model with those 
obtained from MPA, considering three vibration modes with maximum mass participation 
ratios. It can be seen that MPA has failed to trace the true seismic response characteristics 
of the structure, and has significantly overestimated its maximum horizontal response. 
 
 
Fig 5.17 Horizontal and vertical displacement envelope, D4025 
0
20
40
60
80
100
120
L
ev
el
 1
L
ev
el
 2
L
ev
el
 3
L
ev
el
 4
L
ev
el
 5
A
p
ex
D
is
p
la
ce
m
en
t 
(m
m
)
Maximum vertical displacements envelope
(D 4025)
El-Centro 1940
CQC-Modes 2, 124 and
172 (63%)
` 
176 
CHAPTER 6 
PARAMETRIC STUDIES ON THE EFFECT OF 
GEOMETRICAL PARTICULARS ON DYNAMIC 
BEHAVIOUR OF LATTICE DOMES 
6.1 General Remarks 
Single-layer lattice domes exhibit a complicated seismic behaviour, in which dynamic 
characteristics of the structure change significantly with the geometrical particulars of the 
system, as described in Section 2.2.3. In particular, the effect of rise-to-span ratio on 
dynamic behaviour of single-layer lattice domes have been studied by several researchers, 
(Kato et al, 1997; Kato et al, 2007; Kato et al, 2012; Ogawa et al, 2007). However, the 
literature survey shows that almost all this researche was limited to models with simple 
patterns, pinned at all boundary supports. Moreover, although the influence of rise-to-span 
ratio has been studied widely, the effect of other geometrical particulars on dynamic 
characteristics of single-layer lattice domes have not been investigated properly. 
In this Chapter, the influence of various geometrical particulars of single-layer lattice 
domes on their dynamic behaviour have been investigated, as one of the objectives of this 
research. The geometrical particulars considered in this study include, ‘rise-to-span ratio’, 
‘pattern of the configuration’, ‘span’ and ‘relative stiffness of the supports’. Accordingly, 
several single-layer spherical lattice domes with various geometrical particulars were 
defined and their modal properties were evaluated by means of eigenvalue analysis. The 
effect of the geometrical particulars on the modal properties of the models was then 
investigated by means of parametric studies. 
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Parametric studies carried out in this Chapter demonstrated that amongst different 
geometrical particulars of single-layer spherical lattice domes, only ‘rise-to-span-ratio’ 
and ‘relative stiffness of the supports’ strongly affect the dynamic characteristics of the 
system, and the effects of other parameters, namely ‘span’ and ‘pattern of the 
configuration’,  are not considerable. 
6.2 Influence of rise-to-span-ratio 
The commanding effect of ‘rise-to-span ratio’ has been studied in Section 5.2. For this 
purpose, four diamatic single-layer domes, all pinned at their boundary supports, with 
varying rise-span-ratios, namely 1/3, 1/4, 1/5 and 1/7, were defined. 
It was demonstrated that as rise-span-ratio was increased, dynamic characteristics of the 
domes approached the characteristics of conventional building structures, in which the 
response is governed by the fundamental mode and vertical responses are insignificant. 
On the other hand, as the domes became shallower, more vertical displacements could be 
seen in the dynamic response, and many vibration modes were needed to achieve 90% 
mass participation ratio in each direction. 
It was also noticed that dynamic behaviour of the models approach the characteristics of 
conventional structures, as described above, from a rise-to-span-ratio of  0.3. Accordingly, 
the figure of 0.3 represents a good estimate for distinguishing between high-rise and low-
rise domes.  
6.3 Influence of Pattern of the Configuration 
The influence of pattern of the configuration on dynamic characteristics of single-layer 
lattice domes has been investigated in this section. For this purpose, three different 
configurational patterns were considered, as illustrated in Fig 6.1. All models had a span 
of 40 metre and were pinned at all boundary supports. Furthermore, in order to study the 
combined effect of rise-to-span ratio and the pattern of the configuration, two rise-to-span 
ratios, representing a high-rise and a low-rise model, was also considered for each pattern.  
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Parametric studies on modal properties of the models showed that the pattern of 
configuration does not affect the dynamic properties of the system. The results of 
parametric studies are reflected in Fig 6.2. 
 
 
Diamatic dome 
 
Schwedler dome 
 
Geodesic dome 
Fig 6.1 Different patterns of configuration considered in the parametric studies 
 
  
Fig 6.2 Effect of pattern on dynamic characteristics of single-layer lattice domes 
0%
10%
20%
30%
40%
50%
60%
70%
80%
90%
100%
1
1
0
1
9
2
8
3
7
4
6
5
5
6
4
7
3
8
2
9
1
1
0
0
1
0
9
1
1
8
1
2
7
1
3
6
1
4
5
1
5
4
1
6
3
1
7
2
1
8
1
1
9
0
1
9
9
2
0
8
2
1
7
2
2
6
2
3
5
2
4
4
M
as
s 
P
ar
ti
ci
p
at
io
n
 R
at
io
H
o
ri
zo
n
ta
l 
D
ir
ec
ti
o
n
Mode No.
Effect of Pattern 
Span 40m, Rise/span ratio 0.2
Diamatic Schwedler Geodesic
0%
10%
20%
30%
40%
50%
60%
70%
80%
90%
100%
1
1
0
1
9
2
8
3
7
4
6
5
5
6
4
7
3
8
2
9
1
1
0
0
1
0
9
1
1
8
1
2
7
1
3
6
1
4
5
1
5
4
1
6
3
1
7
2
1
8
1
1
9
0
1
9
9
2
0
8
2
1
7
2
2
6
2
3
5
2
4
4
M
as
s 
P
ar
ti
ci
p
at
io
n
 R
at
io
H
o
ri
zo
n
ta
l 
D
ir
ec
ti
o
n
Mode No.
Effect of Pattern 
Span 40m, Rise/span ratio 0.5
Diamatic Schwedler Geodesic
` 
179 
6.4 Influence of the Span 
The effect of absolute value of the span on dynamic behaviour of single-layer lattice 
domes was investigated by means of parametric studies on modal properties of a diamatic 
model, with pinned supports. Three different spans, namely 40, 60 and 100 metre, and 
three rise-to-span ratios, namely 0.2, 0.3 and 0.5, were used for this purpose. The results 
of parametric studies are illustrated in Fig 6.3, which shows the insignificant effect of the 
span on dynamic properties of the models. 
 
  
 
 
Fig 6.3 Effect of span on dynamic characteristics of single-layer lattice domes 
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6.5 Influence of the Relative Stiffness of the Supports 
Parametric studies demonstrated that lateral restraint of the supports has a commanding 
influence on dynamic behaviour of single-layer lattice domes. In order to investigate this 
important phenomenon, a low-rise diamatic dome with a rise-to-span ratio of 0.2, pinned 
at all boundary supports, was defined. Eigenvalue analysis of the model showed that the 
structure exhibits a large number of vibration modes, scattered along a wide frequency 
range. It was observed that more than 200 modes was required to achieve 90% mass 
participation ratio in the horizontal direction. This dynamic behaviour conforms to the 
modal characteristics of low-rise domes, as described in Section 5.2. 
Secondly, horizontal stiffness of the boundary supports of the structure was gradually 
decreased and its modal properties were evaluated at each level. Eigenvalue analysis 
results showed that lowering lateral stiffness of the supports significantly affects the 
dynamic behaviour of the model. It was observed that as the relative stiffness of the 
supports was decreased, modal properties of the model approached the properties of high-
rise domes, in which less vertical responses are excited and the response is governed by 
the fundamental vibration mode, as illustrated in Fig 6.5. Moreover, decreasing the lateral 
stiffness of the supports results in lengthening the natural period of the structure, which 
lowers seismic demands on the structure, as shown in Fig 6.4. 
The influential effect of relative stiffness of the boundary supports on dynamic 
characteristics of single-layer lattice domes, provides an effective means which can 
conveniently remove the limitations of the application of modal pushover analysis (MPA) 
methodology in estimating the nonlinear seismic response of these structures. As 
concluded in Section 5.2, MPA technique is only applicable to lattice domes in which 
90% of the total mass participation ratio could be achieved by a maximum number of three 
vibration modes. Accordingly, it was demonstrated that MPA could not accurately 
estimate the nonlinear seismic response of low-rise domes, which exhibit a large number 
of vibration modes, scattered along a wide frequency range. 
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Accordingly, by adjusting of the relative stiffness of the supports modal characteristics of 
even low-rise single-layer lattice domes could be favourably modified and manipulated, 
and their nonlinear seismic response could be conveniently estimated by modal pushover 
analysis. 
 
 
Fig 6.4 Effect of relative stiffness of the supports on natural period of lattice domes 
 
 
 
Fig 6.5 Effect of relative stiffness of the supports on dynamic characteristics of lattice domes 
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CHAPTER 7 
SUMMARY AND CONCLUSIONS 
7.1 Summary 
Seismic response evaluation of single-layer lattice domes is a challenging subject that has 
drawn the attention of earthquake research community and structural engineering practice 
over the past few decades. Single-layer lattice domes exhibit a complicated dynamic 
behaviour in which many horizontal, vertical and anti-symmetrical vibration modes 
contribute to the ultimate seismic response. Moreover, their response to strong earthquake 
excitation is normally highly nonlinear, where the amplitude and nature of their response 
change drastically with the geometrical particulars of the structural system. Therefore, it 
is usually necessary to perform a full geometrically and materially nonlinear time-history 
analysis to capture their true seismic response. On the other hand, so far a practical 
approach for estimating the nonlinear seismic response of single-layer lattice domes by 
means of equivalent seismic forces has not yet been provided, and realistic seismic 
earthquake analysis of these structures still relies on nonlinear time-history dynamic 
analysis.  
This Thesis presents a new methodology for seismic response evaluation of single-layer 
lattice domes, as its main contribution. For this purpose, initially a state-of-the-art on 
seismic behaviour, dynamic characteristics, collapse mechanisms, and different dynamic 
analysis approaches of single-layer lattice domes has been presented in the literature 
review in Chapter 2.  
Main elements of the proposed methodology are described in Chapter 3. The methodology 
is based on Modal Pushover Analysis (MPA) concept which accounts for the participation 
of higher vibration modes in the dynamic response, and is consistent with the inherent 
vibration characteristics of single-layer lattice domes.  
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Accordingly, the proposed method evaluates the nonlinear seismic response by means of 
static analysis which has the great advantage of estimating the nonlinear response and 
failure mechanisms with much lesser computational effort, when compared to a rigorous 
earthquake response time-history analysis. The applicability of the proposed method for 
seismic response evaluation of single-layer lattice domes is investigated in Chapter 5. The 
method is initially established for a pilot model, namely a high-rise, diamatic single-layer 
dome. The method is then used for estimating the seismic response of other types of 
single-layer lattice domes with varying rise-to-span-ratios. It was noticed that although 
modal pushover analysis yields very good results for high-rise domes, its accuracy 
decreases as the domes become shallower.  
Furthermore, literature survey on dynamic behaviour and seismic response characteristics 
of single-layer lattice domes shows that almost all the researches carried out in this field 
were limited to domes with diamatic pattern and pinned at all boundary supports. 
Moreover, amongst several geometrical particulars of these structural systems, only the 
effect of rise-to-span-ratio has been studied widely and other properties have not been 
investigated. 
Consequently, the effect of various geometrical particulars of single-layer lattice domes 
on their dynamic behaviour was investigated as the other objective of this research. These 
particulars include ‘span’, ‘rise-to-span-ratio’, ‘pattern of the configuration’ and ‘relative 
stiffness of the supports’. For this purpose, several single-layer lattice dome models with 
different patterns and rise-to-span-ratios, as well as varying boundary supports 
constraints, were defined and their dynamic characteristics were calculated by means of 
eigenvalue analysis. The influence of the aforementioned geometrical particulars on 
dynamic characteristics of the models were investigated by means of extensive parametric 
studies on eigenvalue analysis results and conclusions were drawn accordingly. 
Parametric studies are given in Chapter 6. 
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7.2 Conclusions 
According to the results obtained from the parametric studies reported in Chapter 6, as 
well as the implementation of the proposed methodology, described in Chapter 3, on 
single-layer lattice domes as given in Chapter 6, the following conclusions can be drawn: 
 
1. Investigation on several single-layer lattice dome models shows that amongst 
different geometrical particulars considered, only ‘rise-to-span-ratio’ and ‘relative 
stiffness of the supports’ strongly affect the dynamic characteristics of the 
structural system, and the effects of other parameters, namely ‘span’ and  ‘pattern 
of the configuration’ are not considerable. 
 
Low-rise single-layer lattice domes with pin supports at their bases, exhibit a large number 
of effective vibration modes distributed over a wide range of frequencies. It was observed 
that as the domes became shallower, the number of contributing vibration modes increases 
and more vertical displacements appears in the dynamic response. Whereas, in domes with 
very small rise-to-span-ratio, with a structural behaviour close to a flat grid, dynamic 
behaviour is almost dominated by vertical vibration modes. 
On the other hand, as rise-to-span-ratio increases the effect of higher vibration modes, as 
well as vertical responses, gradually diminishes. It was found that in high-rise domes 
normally two vibration modes, namely an anti-symmetrical and a horizontal sway mode, 
constitute more than 90% of the total modal participation mass ratio of the system and 
govern the dynamic behaviour of the structure. As rise-to-span-ratio increases, dynamic 
behaviour of the domes approach the characteristics of conventional building structures 
in which the ultimate dynamic response of the system could be conveniently approximated 
by the first vibration mode, namely the fundamental mode, which is normally a horizontal 
sway mode with negligible vertical responses. Furthermore, it was noticed that from a 
rise-to-span-ratio of 0.3, single-layer lattice domes start exhibiting the characteristics of 
high-rise domes. Accordingly, the figure of 0.3 is chosen to distinguish between high-rise 
and low-rise domes.  
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Parametric studies also showed that relative stiffness of the supports has a commanding 
effect on dynamic behaviour of single-layer lattice domes. The results indicated that 
adjusting the relative stiffness of boundary supports of dome models, by means of 
lowering the ratio of horizontal stiffness of the support to its vertical stiffness, could 
significantly affect their modal properties and vibration characteristics.  
It was observed that as the ratio of relative stiffness of boundary supports became smaller, 
dynamic characteristics of the domes approached the characteristics of high-rise domes, 
in which contribution of higher vibration modes, as well as amplitude of vertical 
responses, became negligible. Although the important effect of rise-to-span-ratio on 
dynamic behaviour of single-layer lattice domes has been investigated by researchers in 
the past, (Kato et al, 1997, 2007, 2012), the concept of adjusting the relative stiffness of 
the supports and its significant effect on vibration characteristics of  these structures has 
not been studied so far. It is concluded that by tuning the relative stiffness of boundary 
supports, dynamic behaviour of single-layer lattice domes, either high-rise or low-rise, 
could be conveniently manipulated and changed into a favourable behaviour. 
Also, lowering the horizontal stiffness of the supports decouples the structure from its 
base, which results in lengthening the natural periods of the structure and reduction in 
seismic actions on the system. This is the basic concept of base-isolation in structural 
dynamics, as described in Section 2.2.5. 
 
The second major conclusion is as follows: 
 
2.  Based on the Modal Pushover Analysis (MPA) concept, a new methodology for 
evaluating the nonlinear seismic response of single-layer lattice domes has been 
presented, as a main objective of this thesis. The proposed method provides a 
comprehensive and practical framework, which could accurately estimate 
nonlinear seismic response of different types of spherical single-layer lattice 
domes with various geometrical particulars. This approach effectively removes the 
necessity of performing a complicated and time consuming nonlinear time-history 
dynamic analysis. 
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The proposed method was initially established for a high-rise diamatic dome, having a 
rise-to-span-ratio of 1/3 with pinned supports, as the pilot case study model. Dynamic 
characteristics and nonlinear seismic response of the pilot model were evaluated, by 
means of eigenvalue and nonlinear time-history dynamic analysis, respectively, as 
reported in Chapter 5. Eigenvalue analysis showed that, as a common vibrational 
characteristic of high-rise domes, dynamic behaviour of the pilot model was dominated 
by two modes, namely an anti-symmetrical and a horizontal sway mode. Nonlinear 
dynamic time-history analysis was carried out using the horizontal ground acceleration 
record of the El-Centro earthquake, 1940. Seismic responses have been studied by 
monitoring the maximum nodal displacements at each ring level of the dome. Finally, the 
pilot model was subjected to modal pushover analysis, using the inertia force distribution 
of the two governing mode shapes as the lateral pushing force patterns. 
The efficiency and accuracy of modal pushover analysis was verified by comparing the 
MPA results with those obtained from nonlinear time-history dynamic analysis. It was 
demonstrated that modal pushover analysis had estimated the nonlinear response of the 
pilot model with high accuracy.  
Nonlinear dynamic time-history analysis was performed using the finite element software 
package ABAQUS/explicit, while modal pushover analysis was carried out using the 
computer program SAP2000. Accordingly, the proposed method not only has the great 
advantage of facilitating nonlinear seismic response evaluation of single-layer lattice 
domes with much less computational effort, it could also be readily implemented by 
practicing engineers who do not necessarily have an in-depth knowledge of nonlinear 
structural dynamics, using a commercial structural analysis software programme such as 
SAP 2000. 
 
The third major conclusion is as follows: 
 
3. The procedure established for the pilot model, was used to investigate the 
applicability of the proposed method in estimating nonlinear seismic response of 
other single-layer lattice domes with various geometrical particulars. It was found 
that modal pushover analysis technique in conjunction with the concept of 
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adjusting the relative stiffness of boundary supports, forms a comprehensive 
framework which could be conveniently used for all types of spherical single-layer 
lattice domes with various rise-to-span-ratios.  
 
Several single-layer lattice dome models with different rise-to-span-ratios were defined. 
Initially, all models were assumed to be pinned at their boundary supports. It was shown 
that although modal pushover analysis could estimate the nonlinear seismic response of 
high-rise domes with high accuracy, it did not provide acceptable results for low-rise 
domes in which seismic behaviour is characterised by many modes with frequencies far 
apart. It was observed that as the domes became shallower, the efficiency and accuracy of 
modal pushover analysis technique was decreased. Extensive analyses on single-layer 
lattice domes, with varying rise-to-span-ratios and pinned supports, showed that nonlinear 
seismic response of domes with a maximum number of three effective vibration modes, 
could be estimated by modal pushover analysis technique with acceptable accuracy.  
Parametric studies on vibration particulars, carried out in Chapter 6, showed that dynamic 
behaviour of single-layer lattice domes could be manipulated by adjusting the relative 
stiffness of their boundary supports. It was shown that by lowering the ratio of horizontal 
stiffness of the supports to their vertical stiffness, dynamic characteristics of low-rise 
domes could be favourably modified and approaches to that of high-rise domes. 
Therefore, modal pushover analysis technique in conjunction with the concept of 
modifying the dynamic characteristics of the system, by means of adjusting the relative 
stiffness of the supports, provides a comprehensive method which can be used for 
estimating the seismic response of both high-rise and low-rise single-layer lattice domes. 
Accordingly, effective vibration modes of the structure are initially calculated by means 
of eigenvalue analysis. Secondly, the relative stiffness of the supports is adjusted so that 
the number of effective vibration modes is limited to three. Finally, nonlinear seismic 
response of the structure is estimated by modal pushover analysis using the effective 
vibration modes of the structure.  
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7.3 Further Work 
The research carried out in this thesis has put forward a new perspective for seismic 
response evaluation of single-layer lattice domes. It was demonstrated that modal 
pushover analysis in combination with the concept of manipulating the dynamic 
characteristics of the system by means of tuning the relative stiffness of the supports, 
provides a versatile method which can be successfully used for estimating the nonlinear 
seismic response of both high-rise and low-rise single-layer lattice domes. 
However, the interesting results obtained from modal pushover analysis and parametric 
studies, carried out in Chapters 5 and 6 respectively, call for further investigations. In 
future studies the following tasks could be addressed, 
 
1. It was shown that the proposed method could successfully estimate the seismic 
response of spherical single-layer lattice domes. However, it is still uncertain 
whether the techniques advocated in this study can be used for different families 
of lattice domes. Accordingly, future research should examine the applicability the 
propose methodology for estimating the seismic response of non-spherical lattice 
domes, such as ellipsoidal, ovate, mallow and scallop domes, as described in 
Chapter 4 of this study. 
 
2. This research only focused on nonlinear seismic response evaluation of single-
layer lattice domes. However, a large number of lattice domes built in practice are 
double-layer, which possess completely different structural characteristics, 
compared to single-layer lattice domes. Therefore dynamic behaviour and seismic 
response characteristics of double-layer lattice domes, both spherical and non-
spherical, as well as the applicability of the proposed method in estimating their 
nonlinear seismic response can be investigated in future studies. 
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3. Parametric studies, carried out in Chapter 6, showed that low-rise lattice domes 
possess a complicated dynamic behaviour in which several vibration modes, 
normally distributed along a wide frequency range, effectively participate in the 
dynamic response. Furthermore, as the domes become shallower more vertical 
responses can be seen in their ultimate seismic response, whereas dynamic 
behaviour of lattice domes with very low rise-to-span-ratios is normally dominated 
by pure vertical responses. On the other hand, experience gained from previous 
earthquakes, as well as several research results, indicate that seismic resistance of 
lattice domes increases as the domes become shallower. These interesting facts 
call for a comprehensive investigation on dynamic characteristics of low-rise 
domes in the future studies. 
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APPENDIX  A 
A Verification of Modal Pushover Analysis 
Technique in Estimating Nonlinear Seismic 
Response of Single-Layer Lattice Domes 
 
1.  INTRODUCTION 
Dynamic behaviour and nonlinear seismic response of single-layer lattice domes has been 
studied in this research. It was shown that dynamic behaviour of these structural systems 
is characterised by the contribution of several vibration modes in both vertical and 
horizontal directions along a wide range of frequencies and their seismic response during 
severe earthquakes is normally highly nonlinear. So far, in the absence of a practical 
equivalent static seismic loading scheme, realistic seismic response evaluation of single-
layer lattice domes still relies on nonlinear dynamic time-history analysis. Owing to the 
complicated geometry of these structural systems, their nonlinear dynamic analysis is 
time-consuming and requires an in-depth knowledge of both structural dynamics and the 
finite element method.  
The main contribution of this research is to facilitate the analytical procedure for dynamic 
analysis of single-layer lattice domes. The methodology adopted for this purpose is based 
on the ‘modal pushover’ analysis concept, as described in Section 3.4. This interesting 
concept in seismic analysis is well in line with the inherent dynamic characteristics of 
lattice domes, and offers a framework by which nonlinear earthquake response of these 
complex structures can be approximated by means of nonlinear static analysis rather than 
nonlinear time–history dynamic analysis. Extensive analyses on several single-layer 
lattice dome models, pinned at all boundary supports, showed that although modal 
pushover analysis technique yields results for high-rise domes with acceptable accuracy, 
it did not provide satisfying results for low-rise domes in which seismic behaviour is 
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characterised by many modes with frequencies far apart. It was observed that as the domes 
became shallower, the efficiency and accuracy of modal pushover analysis technique 
decreased.  
However, it was also researched that dynamic characteristics of low-rise domes could be 
favourably manipulated by adjusting the relative stiffness of their boundary supports. It 
was shown that by lowering the ratio of horizontal stiffness of the supports to their vertical 
stiffness, dynamic behaviour of low-rise domes could be effectively modified and 
approaches to that of high-rise domes. Therefore, modal pushover analysis technique in 
conjunction with the concept of adjusting the relative stiffness of the supports, provides a 
comprehensive framework which can be used for estimating the nonlinear dynamic 
response of single-layer lattice domes with any rise-to-span ratio.  
2.  PURPOSE 
As mentioned in the previous section, the main objective of this study is to provide a new 
method for estimating nonlinear seismic response of different types of single-layer lattice 
domes by means of modal pushover analysis. The proposed method was initially 
established for a single-layer lattice dome as the pilot case study model. Geometrical 
particulars and structural assumptions used to define the pilot dome model are given in 
Sections 5.1.2. The pilot model was used to carry out all the necessary steps and 
procedures for establishing the proposed method. The technique was then used to estimate 
the nonlinear response of other single-layer lattice domes with different geometrical and 
structural properties and conclusions were drawn accordingly.  
However, the accuracy of the proposed method needs to be validated by demonstrating 
that the method consistently yields acceptable results with a high degree of assurance in 
estimating the nonlinear seismic response of single-layer lattice domes with varying 
geometrical and structural particulars. The main purpose of this Appendix is to provide 
such validation. 
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3.  PROCEDURE AND ANALYTICAL RESULTS 
This Appendix aims to provide validation and verification for the proposed method by 
establishing documented evidence which can demonstrate the accuracy and applicability 
of the modal pushover analysis technique.  
For this purpose, research results from one of Professor Fan’s articles3 (Fan et al, 2007) 
has been chosen to benchmark the results obtained from modal pushover analysis. The 
paper chosen amongst Professor Fan’s several researches, is an important work in the field 
of nonlinear seismic response evaluation of singly-layer lattice domes, and plays a central 
role in this thesis. The basic assumptions used in this research are as follows: 
 Several single-layer diamatic dome models with varying geometrical and 
structural properties were defined. The structural model for domes and the 
designation adopted are shown in Figs A.1 and A.2 respectively. 
 
 
 
 
 
 Fig A.1 General geometrical particulars of the dome models 
                                                 
3 Fan F, Zhi X, Shen S Z (2007) Failure mechanism of single-layer reticulated domes subjected to 
earthquakes. Journal of the International Association for Shell and Spatial Structures: Vol. 48, Nos. 1, 
pp.29-44. 
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Fig A.2 Designation of the dome models 
 All dome models had a span of 40 meters but with different rise-to-span ratios as 
illustrated in Fig A.3.  
 
 
 
Fig A.3 Geometrical particulars of the dome models 
 (Fan et al, 2007) 
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All structural members have tube cross-sections. As for the roof weights different values 
were considered. Assumed values for the structural cross-sections, as well as roof 
weights, are given in Table A.1. 
 
 
Table A.1 Cross-sections and other parameters of single-layer lattice domes models 
(Fan et al, 2007) 
 
Designation of 
the dome 
models 
Span(m) 
Roof weight 
(kg/m2) 
Rise-to-
span ratio 
Cross –section of 
radial and hoop 
members (mm) 
Cross –section 
of oblique 
members (mm) 
D40063 
40 
60 
1/3 102x3.5 95x3.5 
D40065 1/5 102x3.5 102x3.5 
D40067 1/7 102x4.0 102x3.5 
D40123 
120 
1/3 114x4.0 114x4.0 
D40125 1/5 114x4.0 114x4.0 
D40127 1/7 133x4.0 127x4.0 
D40183 
180 
1/3 127x4.0 127x4.0 
D40185 1/5 133x4.0 127x4.0 
D40187 1/7 140x5.0 140x4.5 
 
 
 The models were subjected to dynamic loadings including harmonic actions and 
earthquake motions with different input directions and frequencies. ElCentro 
(1940) and Taft (1952) earthquakes were adopted for this purpose. Ultimate 
structural responses of the dome models to these earthquake motions are given in 
Table A.2. 
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Table A.2 Responses at failure state of examples (perfect elasto-plastic material)  
(Fan et al, 2007) 
 
 
Designation 
of the dome 
models 
Earthquake 
Ultimate elastic 
displacement 
(m) 
Ultimate 
displacement 
(m) 
Symbol   de dm 
Responses with 
perfect material 
corresponding to 
ultimate loads 
D40063 
Taft (1952) 
0.044 0.15 
D40123 0.046 0.11 
D40183 0.040 0.26 
D40065 0.038 0.25 
D40125 0.042 0.24 
D40185 0.042 0.25 
D40067 0.051 0.48 
D40127 0.048 0.46 
D40187 0.052 0.50 
D40063 
El-Centro 
(1940) 
0.047 0.24 
D40123 0.040 0.25 
D40183 0.042 0.25 
D40065 0.040 0.20 
D40125 0.040 0.19 
D40185 0.041 0.22 
D40067 0.052 0.34 
D40127 0.054 0.26 
D40187 0.052 0.41 
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 In the next phase, nonlinear ultimate responses of the dome models, analysed in 
professor Fan’s article, were estimated using modal pushover analysis technique. 
For this purpose, initially modal characteristics of the models were evaluated by 
means of eigenvalue analysis. In particular, natural mode shapes and their 
corresponding natural frequencies, were calculated. 
 Figs A.4 to A.6 illustrate the eigenvalue analysis results for the D40187, D40185 
and D40183 domes, respectively. It can be seen that as the domes become 
shallower their sensitivity to vertical excitations increases, more vertical 
displacements appear in the dynamic response and many modes are required to 
capture the complete dynamic behaviour. On the other hand, as rise-to-span ratio 
increases vertical displacements become negligible and the ultimate responses can 
be well defined with the few first vibration modes. These findings are well in line 
with the research finding of this thesis, as reported in section 7. 
 
 
 
Fig A.4 Eigenvalue analysis results 
(S=40 m, H=S/7, Roof weight=180 kg/m2) 
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Fig A.5 Eigenvalue analysis results 
(S=40 m, H=S/5, Roof weight=180 kg/m2) 
 
 
 
Fig A.6 Eigenvalue analysis results 
(S=40 m, H=S/3, Roof weight=180 kg/m2) 
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 The D40187, D40185 and D40183 dome models were then subjected to modal 
pushover analysis, in which the inertia force distribution of specified modal shapes 
were taken as the lateral load patterns in the pushover analysis procedure, as 
described in Section 3.4. For this purpose the effective vibration modes with higher 
values for mass participation ratios in both horizontal and vertical directions were 
extracted from the eigenvalue analysis results, as illustrated in Figs A.7 to A.9. 
 
  
Fig A.7 Effective vibration modes in horizontal and vertical directions 
(S=40 m, H=S/7, Roof weight=180 kg/m2) 
 
  
Fig A.7 Effective vibration modes in horizontal and vertical directions 
(S=40 m, H=S/5, Roof weight=180 kg/m2) 
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Fig A.7 Effective vibration modes in horizontal and vertical directions 
(S=40 m, H=S/3, Roof weight=180 kg/m2) 
 
 Modal Pushover Analysis (MPA) was performed for each mode shape and total 
dynamic responses were approximated by combining the MPA results, using the 
CQC (Complete Quadratic Combination) method, as described in Section 
2.1.5.3.b. SAP 2000 was used for both eigenvalue and modal pushover analysis. It 
should be noted that only one value for the roof weight, namely 180 kg/m2, was 
considered.  
 In a standard MPA procedure, as the pushing forces are increased some members 
yield under the combined effects of gravity and lateral loads. Base shear and 
displacement at a specific point, normally displacement at the top of the structure, 
are recorded at the first yielding. The structural properties are then modified to 
account for the reduced stiffness of yielded members, and the analysis continues 
by pushing the structure onto the next step. The recorded values for base shear 
against the top displacements are drawn. This graph is called the ‘pushover curve’, 
which is the main output of a pushover analysis. Pushover curve represents the 
nonlinear structural behaviour of the structure. Fig A.8 shows the pushover curve 
for the D40183 dome model.  
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Fig A.8 Pushover curve for D40183 dome model 
 
 It should be noted that in single-layer domes under dynamic loading, maximum 
displacement normally does not occur at the apex of the structure, as reported in 
section 5.2 Accordingly, maximum displacements of the dome models under 
modal pushover analysis have been evaluated and compared with their 
corresponding ultimate seismic responses reported in Professors Fan’s research, 
as illustrated in Figs A.9 to A.11. 
 
 
Fig A.9 Comparison between MPA results and ultimate responses of D40183 model  
as reported in Professor Fan’s research 
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Fig A.10 Comparison between MPA results and ultimate responses of D40185 model  
as reported in Professor Fan’s research 
 
 
Fig A.11 Comparison between MPA results and ultimate responses of D40187 model  
as reported in Professor Fan’s research 
  
25
22
18.23
0 5 10 15 20 25 30
Taft (1952)
El-Centro (1940)
MPA
Taft (1952) El-Centro (1940) MPA
D40183 25 22 18.23
Maximum Total Displacement (cm)
D40185
50
41
21.17
0 10 20 30 40 50 60
Taft (1952)
El-Centro (1940)
MPA
Taft (1952) El-Centro (1940) MPA
D40183 50 41 21.17
Maximum Total Displacement (cm)
D40187
` 
202 
4.  CONCLUSION 
The applicability of modal pushover analysis (MPA) technique in estimating the ultimate 
nonlinear seismic response of single-layer lattice domes has been investigated in this 
Appendix. For this purpose, nonlinear earthquake responses of three dome models, taken 
from one of Professor Fan’s articles (Fan et al, 2007), were chosen to validate the results 
obtained from modal pushover analysis, as shown in Figs A.9 to A.11. Studying Figs A.9 
to A.11, gives rise to the following conclusions: 
 Comparison between the MPA results and those obtained from nonlinear time-
history analysis, shows that MPA yields results with acceptable accuracy for the 
D40183 model, which represents a high-rise dome. It can be seen that maximum 
deviation of the MPA results for this model from nonlinear earthquake responses 
are less than 5%.  
 On the other hand, it can be seen that as the domes become shallower, the accuracy 
of MPA results decreases significantly. In particular, maximum deviation of the 
MPA results for D40185 and D40187 models are 27% and 58%, as given in Figs 
A.10 and A.11, respectively. 
  Accordingly, it can be concluded that for shallower domes, hinged at all boundary 
supports, which possess many vibration modes distributed through a wide range 
of frequencies, MPA method fails to trace the true seismic structural behaviour.  
 The verification presented in this Appendix is in good consistency with the 
findings of the thesis, as reported in sections 7. It can now be verified that MPA 
technique yields reliable results for the structural systems in which dynamic 
behaviour is governed by the first few horizontal modes, their sensitivity to vertical 
responses is negligible and contribution of vertical modes in their ultimate 
dynamic response could be conveniently ignored. 
 It should be noted that dynamic behaviour of single-layer lattice domes could be 
effectively modified by tuning the relative stiffness of their boundary supports, as 
researched in section 6.5.  It was shown that by lowering the ratio of horizontal 
stiffness of the supports to their vertical stiffness, dynamic characteristics of low-
rise domes could be favourably modified and approaches to that of high-rise 
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domes, in which MPA technique could be used for their nonlinear seismic 
response evaluation with confidence. 
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